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Abstract

The objective of this study was to determine whether rigid inclusions are suitable for reinforcement of
the foundation of a caisson quay wall functioning as a container terminal. Apart from their brittle
behaviour under lateral loading, rigid inclusions are well suited to the large uniform loads and
stringent post-construction deflection tolerances associated with container terminal structures. Their
inherent strength and stiffness means they have certain advantages over other stiffening columns
commonly used for ground reinforcement in port expansion projects. Their mechanical properties
allow construction to unrestricted heights at any construction rate and, in theory, Rls can be applied to
all soil types. Additionally the locations of many ports coincide with rivers, deltas and estuaries which
are associated with poor soil conditions often requiring ground improvement. Their suitability is of
practical significance to port planners and engineers who are faced with the challenge of providing
satisfactory foundation performance that is cost effective. The addition of RI ground reinforcement

for this structural application would allow for greater flexibility in meeting these challenges.

The literature review for this study was broad in its scope with emphasis placed on describing the
mechanics of the problem, analysis methods and suitable installation methods for execution in the
marine environment. One of the key outcomes of the literature review was identifying the problem of
lateral loading due to “free-field” lateral ground movements. In light of this, suitable strategies for
limiting and accommodating lateral loading of the RIs were proposed. A numerical study of the
proposed ground improvement scheme was undertaken using the 3D finite element method. The key
model outputs were caisson deflections and RI forces, moments and stresses, for the various simulated
construction phases up to operational conditions. The model results were assessed in terms of the key
foundation performance criteria which were related to STS crane rail tolerances and limiting tensile
stresses in the RIs. This study found that for a firm clay subsoil condition the proposed RI ground
reinforcement scheme met the foundation performance criteria for this structural application provided
(1) strategies to limit lateral loading were implemented and (ii) the RIs were reinforced over the length

where they were not fully compressed. While this study provided insights into the behaviour of Rls



for this structural application, ultimately suitability is a function of range of factors, in addition to the

limited technical performance criteria derived for this study.
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Chapter 1  Introduction

1.1 Background Information

The term Rigid Inclusions (RIs) refers to a type of ground improvement technique where pile-like
rigid columns are used to reinforce the ground with the aim of decreasing settlement and increasing
bearing capacity (Chu et al., 2009). RIs fall into the broad category of ground improvement
techniques which use stiffening columns to reinforce the ground. Although in the same category as
stone columns and sand compaction piles, RIs are composed of a material with a strong permanent
cohesion such as concrete. They are “rigid” as opposed to granular such as sand or stone (ASIRI,
2012). Their inherent strength and stiffness means they are well suited to heavy loads and stringent
deflection tolerances. This gives Rls certain advantages over other stiffening columns. Their
mechanical properties potentially allow construction to unrestricted heights at any construction rate
with subsequent, controlled post-construction settlements (BS 8006, 2010). Additionally RIs can in
theory be applied to all soil types including highly variable soil conditions. Despite these advantages,
concrete RIs are largely absent from the ground improvement records for recent port expansion
projects (Hamidi et al., 2013). For example, the most common columnar techniques used to support
gravity quay walls include stone columns, sand compaction piles or overlapping soil-cement columns
(Kitazume, 2005; Leung & Shen, 2008; Kitazume & Terashi, 2013a). The selection of these
alternative techniques is likely due to a combination of factors; however it is suggested that one of the
primary reasons is their performance under lateral loading. Stone columns and sand compaction piles
behave in a ductile manner and the deep mixing methodology allows continuous shear walls to be
constructed from overlapping soil cement columns. Both of these types of reinforcement are suited to

lateral loading, albeit for different reasons.

By comparison concrete Rls are typically unreinforced and therefore behave in a brittle manner with
low tensile strength. This behaviour has been mitigated in other fields of application, such as piled

bridge abutments and piled embankments, by implementing strategies to limit and accommodate
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lateral loading and the effects of lateral loading. It is proposed that these strategies could be applied to
the case of a gravity container quay supported by ground reinforced with rigid inclusions (Figure 1.1).
Apart from their behaviour under lateral loading, RIs are well suited to the large uniform loads and
stringent post construction deflection tolerances associated with port container terminals. Additionally
the locations of many ports coincide with rivers, deltas and estuaries which are associated with poor
soil conditions often requiring ground improvement. Their suitability is of practical significance to
port planners and engineers who are faced with the challenge of providing satisfactory foundation
performance that is cost effective. The addition of Rigid Inclusion ground improvement for this

structural application would allow for greater flexibility in meeting these challenges.

1.2 Objectives

The main objective of this study was to determine whether rigid inclusions are suitable for the
reinforcement of the foundation of a caisson container quay wall. Their suitability for this purpose
was assessed by reviewing relevant literature and by numerical analysis. The following sub-objectives

were developed:

— Describe the mechanics of the problem

— Identify suitable strategies to limit lateral loading and the effects of lateral loading

— Develop foundation performance criteria in terms of RI behaviour and caisson behaviour

— Validate the three-dimensional finite element model for simulating the problem

— Assess the numerical results in relation to the performance criteria, providing insight into the

suitability of Rls for this application

1.3 Scope

The scope of this research was limited to concrete rigid inclusions formed by displacement methods.
In theory RIs may be used to reinforce all soil types. In practice however, their use is generally
limited to reinforcing fine grained soils and therefore in this study only reinforcement of firm clays is

considered.
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The overlying structure is a gravity-caisson functioning as a quay front structure of a modern day
container terminal. In this regard the geometry of the caisson and the imposed environmental and
operational loading are related to Post Panamax sized vessels and ship-to-shore cranes. Dynamic

loading due to a seismic situation was not considered in this study.

This is a numerical study using the 3D finite element method. Numerical models require validation to
determine the accuracy to which they represent reality (Brinkgreve, 2013). The scope of the model
validation for this study was limited because of the absence of published information on physical
model tests, full scale model tests, or projects where RIs have been used for this purpose. Instead the
validation process for this study has focused on some of the soil-structure interaction phenomena for

which there are known approximate solutions.

1.4 Thesis Overview

In the first part of chapter 2 RI ground reinforcement is defined, classified and the load transfer
mechanisms relevant to the problem are described. In the second part, the various strategies to reduce
lateral loading and the effects of lateral loading are presented. Importantly, this chapter highlights the
load transfer mechanisms which need to be validated in the numerical model. In chapter 3, the
development of the ground improvement strategy is explained and justified. In chapter 4 the
numerical model is described and the numerical analysis methodology explained. This chapter
outlines the modelling strategy used to achieve the objectives of this research. The results of the
numerical simulations are described in chapter 5. Finally, chapter 6 summarises the main conclusions,

as well as providing recommendations for further research.
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Chapter 2  Literature Review

2.1 Introduction

In line with the objectives of this research the first part of this literature review provides an overview
of rigid inclusion ground improvement. It is broad in its scope which enables a technical appraisal of
the method for the case of a caisson container quay wall. In this regard emphasis is placed on the
scientific understanding of the mechanics of the problem, analysis methods and suitable installation
methods for marine execution. One of the key outcomes of this section was identifying the problem of
lateral loading of the inclusions due to “free-field” lateral ground movements. Unreinforced rigid
inclusions are vulnerable to lateral loading due to their brittle behaviour. The second part of this
review addresses this problem by presenting strategies for limiting and accommodating lateral loading
of piles due to ground movements. A wide range of literature sources have been used, including

published research, case histories, state of the art reports and design guidelines and codes.

2.2 Rigid Inclusion Ground Improvement

2.2.1 General concept, classification and definitions

The following sections firstly place the RI foundation system within the general framework of the
major foundation types. Secondly rigid inclusions are classified and distinguished from the other
categories of ground improvement and reinforcement. Finally the various components of the rigid

inclusion system are described in detail.
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2.2.1.1 The rigid inclusion system and other foundation types

In civil engineering, foundations can be classified as either shallow, deep / piled or mixed (Figure
2.1). In a general sense shallow foundations are those foundations for which the depth of embedment
is less than the minimum lateral dimension of the foundation element; for example spread footings,
strip footings and mat or raft foundations (API, 2005). By comparison deep foundations such as

drilled shafts or piled foundations generally have a much longer depth dimension.

Shallow foundations are preferable if the foundation soil, under load, undergoes limited shear failure
and yields associated settlements acceptable for the structure. If either of these two requirements are
not met then deep or piled foundations are typically used. Piles are designed to carry the entire load
from the structure via a rigid connection at their head. The majority of the load is often transferred to
a deeper better quality bearing stratum. However there are many intermediate situations where
shallow foundations, such as a raft, have adequate bearing capacity but the settlement or differential
settlement exceeds acceptable values for the structure. Applying a deep foundation system may lead

to an “overdesigned” solution.

RINEIN

I R IR
I .
I .
I .
I .

T A A A A

Shallow Deep foundation Piled raft Rigid inclusions
foundation foundation

Figure 2.1- Various types of foundations (ASIRI, 2012)

An alternative intermediate solution between shallow and deep foundations, known as a piled raft
foundation, was first proposed by Davis and Poulos in 1972 and in recent decades has been described
by many authors (Cooke 1986, Horikoshi & Randolph 1996, Chow et al. 2001, Poulos 2001). The
concept of a piled raft foundation is relevant where the load sharing between the piles and the raft, via
a rigid connection, is taken into account. The benefit of this system is immediately apparent as the
load shared with the raft means a decreased design load transferred to the pile head and a potential
reduction in the required pile length or diameter. A common design approach is to use the piles as

purely settlement reducing elements. In this case the piles are not required to insure stability because
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the raft in this system has adequate bearing capacity. Therefore, the piled raft foundation can be very

economical compared to traditional foundation concepts.

A foundation reinforced with Rls is similar to a piled raft foundation. Both are characterized by
vertical rigid columns overlain by the general foundation; in this case a raft. From a purely theoretical
standpoint the RI concept becomes valid once the conventional rigid linkage between the piles and the
overlying structure disappears (ASIRI, 2012). This is achieved by introducing a load transfer platform
between the inclusions and the overlying structure. Similar to the piled raft concept, a foundation
reinforced with Rls involves load sharing between structure, inclusions and in situ soil. The RI
foundation system is classed a composite foundation, comprising various modes of interaction

between the various components making up the system.

Figure 2.2 shows the various components of a foundation reinforced with RIs. (1) The in situ soil,
usually soft to firm, is reinforced with (2) rigid inclusion’s which may or may not have a cap; (3) a
granular layer overlies the rigid inclusions which sometimes includes (4) geotextile/geogrid type

reinforcements, both of which serve to transfer the load from the (5) structure to the soil and Rls.
2.2.1.2 Classification of rigid inclusions

In the TC17 State of the Art Report (Chu et al., 2009) covering geotechnical construction processes,
Rigid Inclusions are defined as a type of ground reinforcement, and are described as semi-rigid or
rigid integrated columns, or bodies, installed in soft ground to improve the ground performance
globally, so as to decrease settlement and increase the bearing capacity of the ground. The same report
classifies Rls in category C, for ground improvement with admixtures or inclusions, in the same
category as vibro-replacement (VR), stone columns (SCs), dynamic replacement (DR), sand
compaction piles (SCPs) and geotextile confined columns (GCCs). In a broad sense SCs and SCPs are
similar to RIs. They all involve the introduction of vertical columnar elements significantly stiffer
than the surrounding soil. However they are treated separately in the TC17 report because the
materials used for those columns such as sand and stone (granular) would collapse without the lateral

confining support of the surrounding soil.
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Figure 2.2 — Components of the rigid inclusion system (ASIRI, 2012)

It is helpful at this stage to make a distinction in terminology between a rigid inclusion “system” and
the rigid inclusion elements themselves. The pile-like point bearing elements are referred to as rigid
inclusions, and the load transfer platform together with the in situ soil reinforced with rigid inclusions

is referred to as the overall “system”.
2.2.1.3 Rigid inclusions

Rigid inclusions are similar to piles in geometry with predominately round or square cross sections.
They are typically long, slender and orientated vertically (Figure 2.2). They are generally arranged in
a regular rectangular or triangular grid pattern as shown in Figure 2.3 (Han, 2015). The term “group”
is employed in describing these regular patterns of RIs (ASIRI, 2012). The diameter and layout of a
group of inclusions is a function of the applied load, in situ soil conditions and structural performance

criteria.

RIs are defined by their significant stiffness in relation to the surrounding soil and the term “rigid” is
thus employed to describe their rigidity (ASIRI, 2012). Their stiffness varies widely depending on the
material used to construct the Rls, such as lime, concrete, steel or a soil binder mix. Typical RI

stiffness varies from 250 MPa to 30000 MPa (ASIRI, 2012). Although a range of materials are used,
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they all exhibit a strong permanent cohesion, meaning column stability is provided without any lateral

confinement from the surrounding soil (Simon, 2012).

Figure 2.3— Rigid Inclusions (Vibro Concrete Columns) in a rectangular grid pattern (Balfour Beatty, 2016)

There are many different types of Rls which are differentiated on the basis of their installation
technique and mechanical properties such as stiffness and strength. Table 2.9 in section 2.2.10
identifies large families of RIs. The four main installation techniques are driven/hammered,
displacement, bored and treated. Driven or hammered Rls usually require some form of dynamic
action such as vibration for installation. Displacement methods involve pushing the in situ soil aside
during installation. Bored inclusions involve excavation of the in situ soil where the inclusion is to be
formed. When a binding agent such as grout or lime is jetted or mixed into the soil the term treated
soil columns is used. The stiffness and strength of the various types of inclusions varies according to
the type of concrete, grout or binder and soil; broad families of Rls can be further subdivided on this

basis.

RIs are generally designed to carry a large share of the applied load. For this reason they are generally
extended through any unfavourable material to a stronger, stiffer load bearing stratum. In most
applications loading is predominately vertical and Rls are designed to withstand these loads, typically

without the need for reinforcement.

In comparison to piles RIs are only broadly similar. Typically RIs have much lower strengths and
stiffness’s, mainly for economic reasons (Chu et al., 2009). The mechanism by which they transfer

load is different. RIs are designed reduce the load on the in situ soil rather than transmit the entire
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load to a deeper load bearing stratum. Finally, as will be discussed in the following section, load
transfer between structure and inclusion takes place through a flexible layer as opposed to a rigid

connection to the structure.
2.2.14 Load transfer platform

The rigid inclusion concept by definition implies that there is no rigid connection to the overlying
structure. The load from the structure is transferred and distributed by an interposed layer between the
structure and RIs (Figure 2.2). This layer is called the “load transfer platform”, but has been variously

" <

described in literature as a “granular mattress”, “thin-fill platform” and a “granular mat”.

The load transfer platform (LTP) is typically thin in relation to its lateral extent. However its thickness
is a significant variable in controlling load transfer efficiency and vertical settlement. Typical LTP
thicknesses are in the order of 40 cm to 80 cm which allows for efficient load transfer between
inclusions and soil and a uniform stress distribution at the interface with the overlying structure

(ASIRI, 2012).

The materials used to construct the LTP vary depending on the type of overlying structure as well as
the installation conditions. Load transfer platforms are typically composed of a well compacted
granular material such as sand or stone (ASIRI, 2012). Geotextile sheets can be used to reinforce the
granular material to create a composite LTP. Hydraulic binders such as lime or cement are sometimes
incorporated in the LTP. The strength and stiffness of these component materials influence the load

transfer efficiency of the LTP.

2.2.2 Applicability: soils and structures

2.2.2.1 Applicable soils

In theory the rigid inclusion system may be applied to all soil types (Figure 2.4). In practice however,
the most efficient and cost effective use of this method is in saturated, very soft to firm, fine grained
soils i.e. clays, silts, peat (ASIRI, 2012). Due to their low strength, high compressibility and low
permeability these soils generally have inadequate bearing capacity and undergo excessive long term

deformation.

The RI system is not uniquely suited to improving the foundation performance of very soft to firm

cohesive soils. Other methodologies include preloading with vertical drains, vibro replacement or
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stone columns, sand compaction piles, and deep mixing methods. The most widespread application of
rigid inclusions relates mainly to the limits of these conventional soil improvement techniques in

terms of degree and depth of improvement (ASIRI, 2012).

Clay / Stiff clays Silty sand / Sand /
Organic / / silt sandy silt / gravel
Peat fills
Wick drains
/ vacuum
—
=z
= Stone columns /
g aggregate piers
O
0%
a Dynamic
> L
— D replacement
==
z2 | e
=5 Dynamic ‘/ rapid impact
o= compaction

Vibro -
compaction

Controlled modulus columns / rigid
inclusions

Figure 2.4 — Applicable soils for various ground improvement techniques (Menard, 2016a)
2.2.2.2 Applicable structures

RI ground reinforcement has been implemented in the foundation works for a diverse range of
structures. Examples include piled earth embankments, piled bridge abutments with piled
embankment approaches, slabs and foundations for industrial buildings, tanks and basins (Figure 2.5
to Figure 2.7). These structures can be divided into flexible structures such as earth embankments and
rigid structures such as slabs and rafts. They all have large foundation footprints with relatively large
loads which are uniformly distributed. Generally speaking under these conditions RI ground
reinforcement is well suited to improving ground performance. In contrast very large locally
concentrated loads will typically remain in the domain of more conventional deep foundations with

piles (ASIRI, 2012).

The RI system allows for quickly raising the structure and immediately mobilising the design ground
resistance (ASIRI, 2012). This is advantageous for slab or raft type structures where there is little

allowance for settlement during construction; and for embankment type structures where there may be
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little or no construction time available for a phase by phase embankment lift operation, which may be

required to ensure stability.

Figure 2.5 — Piled bridge abutment with piled embankment approach (ASIRI, 2012)

Figure 2.6 — Slabs and foundations of industrial buildings (ASIRI, 2012)

Figure 2.7 — Tanks and basins (ASIRI, 2012)
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2.2.3 Research initiatives and implementation in major civil projects

2.2.3.1 Research initiatives

In the TC211 general report covering recent developments in the field of rigid inclusion ground
improvement, Simon (2012) pointed out that construction practice has developed ahead of the design
methods adapted for this new foundation concept. The application of RI ground reinforcement varies
between countries but most commonly relates to piled embankments. More recently as the
methodology has become more accepted in the marketplace their use has been extended to support

structural elements such as rafts, slabs and spread footings.

In recent years several national funded research programmes have been undertaken to close the gap
between research and construction practice. These institutions and programmes include the Research
Centre for Soft Soils in Malaysia (NO RECESS), the Marie Curiec Research Training Network
“Advanced modelling of Ground Improvement on Soft Soils (AMGISS), the ASIRI National Project
funded by the French Government and the Institute for Applied Research and Experimentation in
Civil Engineering (IREX). The Dutch initiated a research programme on piled embankments with the
aim of further optimising the Dutch CUR 226 design guidelines for piled embankments. A German
research project undertaken by the Institute of Geotechnics at the University of Kassel was aimed at
developing new design procedures for introduction into EBGEO, chapter 6.9 “Reinforced earth

structures on point or line shaped bearing elements” (German Geotechnical Society, 2012).

As a result of these research initiatives, amongst others, several key publications have been issued in
recent years covering recommendations for the design, construction and monitoring of rigid inclusion
ground improvements. Germany, Britain and the Netherlands published revised guidelines for the
design of piled embankments (EBGEO, 2010, BS8006, 2010, CUR 226, 2010). Importantly, France is
the only country to publish guidelines that cover both piled embankments and slab or raft foundations

(ASIRI, 2012).
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2.2.3.2

Implementation in major civil projects

Table 2.1 and Figure 2.8 to Figure 2.13 provide examples of major projects where RI ground

improvement has been implemented in the foundation design.

Table 2.1 — Examples of RI implementation in major civil projects

Brief description of project and structure Application Country / Reference
year
Large diameter oil storage tanks - Foundations include soil | Ring beam USA /2012 | (Buschmeier et al., 2012)
reinforcement using CMCs
Large embankment and bridge approach for the West Coast | Embankment Germany / | (Kirstein, Wittorf & Wittorf,
Highway BS5 - Foundations include soil reinforcement using 2012 2012)
CMCs
Large embankment and bridge approach for the relocation | Embankment Germany / | (Kirstein et al., 2013)
of highway B176 - Foundations include soil reinforcement 2012
using CMCs
Large embankment and bridge approach for Breakwater | Embankment Australia / | (Foketal., 2012)
Road Bridge - Foundations include soil reinforcement using 2011
CMCs
Storage facility for active nuclear waste (ICEDA Project) — | Raft France /| (ASIRI, 2012)
Foundations include soil reinforcement using concrete 2010
inclusions. See Figure 2.11.
Rion-Antirion Bridge - Soil reinforcement using steel tubes | Gravity caisson | Greece /| (Dobry et al., 2003)
for three bridge supports. See Figure 2.12 and Figure 2.13. 2004
Transition between deck-on-piles and embankment for a | Embankment & | France /| (ASIRI, 2012)
container dock (Saint-Nazaire Port authority) - Foundations | pavement 1999
include soil reinforcement using fiber-reinforced concrete
inclusions. See Figure 2.10.
Access embankments and shallow foundations for the A43 | Embankment & | France /| (ASIRI, 2012)
motorway - Foundations include soil reinforcement using | raft 1991
deep mixed columns. See Figure 2.9.
Reinforced earth protection walls (Indonesian LNG retention | Reinforced Indonesia / | (Simon & Schlosser, 2006)
reservoirs) - Foundations include soil reinforcement using | earth wall 1982

open tell tubular piles.
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Figure 2.8 — Schematic diagram of a reservoir foundation supported on Rls in Indonesia (ASIRI, 2012)
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Figure 2.9 — Schematic diagram of a bridge abutment and embankment supported on Rls for the A43 motorway

in France (ASIRI, 2012)
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Figure 2.10 — RIs between deck on piles and riverbank in France (adapted from ASIRI, 2012)
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Figure 2.11 — RIs under an active waste facility (ICEDA) in France (adapted from ASIRI, 2012)
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Figure 2.12 — The Rion-Antirion Bridge in Greece (ASIRI, 2012)

Figure 2.13 —Rion Antirion Bridge pier showing caisson, gravel layer, natural clay and RIs (Dobry et al., 2003)
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2.2.4 Vertical load transfer mechanisms above the inclusion head

2.2.4.1 Introduction

This section describes the mechanisms by which vertical load is transferred from the structure to the
inclusion head through a granular load transfer platform (Figure 2.14). The primary mechanism is
known as arching (Figure 2.15). When geosynthetic reinforcement (GR) is included in the system,
additional load transfer occurs due to membrane action. The boundary condition imposed at the base
of flexible structures is different from a rigid structure. This affects the way load is transferred to the
reinforced soil and therefore the load transfer mechanisms for rigid and flexible loading are presented

separately in in section 2.2.4.5 and section 2.2.4.6.
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Figure 2.14 — Vertical load transfer above the inclusion head
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2.2.4.2 Boundary conditions imposed by a rigid or flexible structure

The boundary conditions imposed at the base of a structure affects the way load is transferred to the
underlying foundation. For the case of an earth embankment this boundary may not be distinct from
the embankment in terms of state and composition (Figure 2.14). There are two ideal loading and
displacement conditions at this boundary, namely equal strain and equal stress (Han, 2015). The equal
strain condition exists under rigid loading (slabs, rafts or footings). The equal stress condition exists

under flexible loading (earth embankment).

Figure 2.16(b) shows rigid loading from a slab imposing a plane of equal settlement at its base. For
the case of flexible loading from an embankment, a plane of equal stress is located at some height
above the inclusions, in this case at the surface (Figure 2.16a). Both types of loading result in the
columns carrying a higher stress than the surrounding soil due to the difference in stiffness between
the soil and the columns. In both situations the reinforced soil between the columns settles more than
the columns, resulting in differential settlement at the level of the columns. It is apparent that the
particle displacement patterns are different for the two types of loading. While both result from an
arching mechanism the arching patterns are different. The significance of these features is discussed

in more detail in the following sections.

Figure 2.15 — The analytical concentric arch model (van Eekelen, Bezuijen & van Tol, 2013)
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Figure 2.16 — Particle displacements in the LTP (a) under an embankment and (b) under a slab (Girout et al.,

2014)

2.2.4.3 Unit cells, area replacement ratio and other terminology

Along with idealised assumptions of the boundary conditions, researchers often use a simplified “unit
cell” approach to analyse and describe columnar reinforced foundations. The term ‘“unit cell”
describes the support offered by a single column, A, and its zone of influence in the surrounding
soil A (Figure 2.17).The dimensions of a unit cell are influenced by the columns cross sectional area,
column spacing and column layout pattern. To compare the effects of these parameters in terms of the
area of soil replaced by the column, an area replacement ratio is defined as the ratio of the sectional

area of a column to the ground occupied by a single column:

2.1
C = 0.785 for square pattern & 0.907 for equilateral triangular pattern

The area replacement ratio varies widely depending on the structural application and type of
inclusion. In Sweden and Finland ag values are typically between 10 % and 25 % (Broms, 2004). In
Japan values generally larger than 30% and often exceeding 50% are used (Kitazume & Terashi,
2013). In Dutch practice values between 4.5 % and 12 % are commonly used (van Eekelen, Bezuijen
& van Tol, 2013). Codes of practice often specify a minimum spacing of three to four diameters
between displacement piles to limit their interaction, which can place a practical limit on the area

replacement ratio (ASIRI, 2012).
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Figure 2.17 — Spacing of bearing elements, zone of influence and support surface

As described in the previous section Rls attract a higher stress than the surrounding soil due to the
difference in stiffness between inclusion (E;) and soil (Ey). The stress concentration ratio (n) is often
used to describe this load transfer above the inclusion head and is defined as the ratio of the stress on

the inclusion (g;) to that on the soil between inclusions (oy):

_ AO'l'
n= Aay

_E 2.2)
Eg

The stress concentration ratio is not constant and depends on the stress-strain relationship between
inclusion and soil. Concrete columns with their high stiffness have n values of more than 10 whereas

granular columns typically have values from 1.0 to 5.0 (Han, 2015).

Another important aspect of columnar reinforced foundations is the degree to which they reduce
foundation settlement. It is common practice to consider the settlement efficiency (E,z¢) of the

reinforcement system, which is given by:

Esert =1 — (51;/50)

Where, 6, is the settlement of the virgin soil without reinforcement and 6, is the settlement of the
reinforced soil. Lateral deflection efficiency (E;,;) can be evaluated in the same way. Both are a

measure of the effectiveness of the reinforcement in reducing settlement or lateral deflection.
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2.2.4.4 Arching and membrane action

Arching is the load transfer mechanism that results in stress concentration at the inclusion heads. It
occurs in soils when there is an “inclusion” within the soil mass with significantly different material
properties and/or structure (Iglesia, Einstein & Whitman, 2014). Handy (1987) stated that “arching” is
defined in civil engineering as the transfer of stress from a yielding part of a soil mass to adjoining
less-yielding or restrained parts of the mass. Considering the case of an embankment supported on
ground reinforced with RlIs (Figure 2.18), the inclusions are significantly stiffer and stronger than the
surrounding soil mass. During loading, stress redistribution brings about an increase in loading
(passive arching) over the less deformable areas above the inclusions, as well as a decrease in load

over the adjoining deflecting or yielding areas between inclusions.

The remaining portion of the embankment load that is not redistributed towards the inclusions through
arching is carried by the soil between the inclusions. When the load transfer platform includes a
geotextile at its base, this load is applied to the geotextile causing the soil to deform and the geotextile
to deform in a similar manner. The geotextile is supported at the inclusion positions which results in
differential deformation. Stretching occurs along its longitudinal axis with the result being the
development of tension in the geotextile layer. This is known as membrane action. Espinoza & Bray
(1995) state that the purpose of adding a geotextile is to increase the bearing capacity of the system

due to three soil-structure interaction effects:

— Membrane support contribution due to the deformed geotextile sustaining normal stresses that
result in membrane tension forces.
— Membrane support contribution due to the deformed geotextile sustaining shear stresses that
result in a membrane tension forces.
— A subgrade bearing capacity improvement due to the geotextile reducing outward shear
stresses transmitted from the overlying structure to the top of the subgrade.
The load transfer mechanisms described above have been the focus of much research in recent years.
A diverse range of research methodologies have been used including small scale laboratory model
tests, centrifuge model tests, full scale tests, field tests and numerical modelling. The findings from
this research have led to a better understanding of the fundamental load transfer mechanisms, and
importantly the factors affecting the transfer of load. The following two sections describe the major

findings with respect to two common structural applications.
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Figure 2.18 — Mechanisms of load transfer and interaction at the inclusion head (adapted from Kempfert &

Raithel, 2005)

2.2.4.5 Case of an earth embankment

Several researchers have carried out experimental investigations on piled embankments. Most
researchers have used simplified 3D small scale laboratory models (van Eekelen et al., 2012) or 3D
centrifuge models (Ellis & Aslam, 2009; Okyay et al. 2010; Blanc et al. 2012; Girout et al. 2014).
Jenck et al. (2009) used a number of stacked steel rods (soil analogue) to model the embankment
(Figure 2.19), and Chen et al. (2008) modelled the inclusion head with a wall (beam). Both of these
simplifications result in 2D symmetry which will simulate plane soil arching. Le Hello and Villard

(2009) carried out four full scale instrumented experiments.

All researchers modelled the earth embankment with a granular sand material, except for Jenck et al.

(2009) who used a soil analogue. Most researchers included geosynthetic reinforcement (GR).

A variety of methods were used to simulate the consolidation of the foundation soil and subsequent
settlement of the load transfer platform. Le Hello and Villard (2009) simply took the foundation soil
away, whereas other researchers used rubber foam or rubber foam chips to simulate compression of

the subsoil (Ellis & Aslam, 2009; van Eekelen et al., 2012). Chen et al. (2008) simulated
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consolidation by discharging water from two water bags. In their centrifuge models Okyay et al.
(2010), Blanc et al. (2013) and Girout et al. (2014) simulated settlement by vertical displacement of a

mobile tray.

Most researchers measured the stresses at the inclusion tops or bottoms, as well as the differential
displacement of the embankment and load transfer platform (Chen, Cao & Chen, 2008; Le Hello &
Villard, 2009; Blanc et al., 2012; van Eekelen et al., 2012; Girout et al., 2014; Okyay et al., 2014).
Importantly, Van Eekelen et al. (2012) and Le Hello & Villard (2009) were the only researchers to
measure separately the distribution of load over the foundation soil, the geosynthetic reinforcement
and the inclusions. This makes it possible to compare the measurement results with the separate parts

of the existing analytical models (van Eekelen et al., 2012).

Some researchers carried out numerical modelling. Both the finite element method (Le Hello &
Villard, 2009; Girout et al., 2014), and discrete element method (Jenck, Dias & Kastner, 2009; Le
Hello & Villard, 2009; Chevalier, Villard & Combe, 2010) were used.

The research results were used to discuss the mechanism of arching as well as the effect of several
influencing factors such as the height of the load transfer platform, the properties of the load transfer
platform, the properties of foundation soil, the effect of geotextile reinforcement, the effect of the area

replacement ratio, and the effect of different types of loading.
Arching:

All researchers confirmed that load transfer to the inclusion heads occurred by arching. Many
researchers visually observed arching, either through a transparent window on the model or by model

photography during testing (Figure 2.19).

The arching mechanism is typically quantified by the load transfer efficiency (E'), defined as the load
acting on a single rigid inclusion head Q;, to the total load applied on an unit cell Q; (ASIRI, 2012):

Qio
E = X0 2.3)
Q¢

Chevalier et al. (2010) described an additional ratio G which quantifies the ability of the load transfer

layer to redistribute any additional surcharge load AQ to the inclusion:

AQ,
G ==t 2.4)
Q
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Figure 2.19 — Normal forces (left) and shear forces (right) highlighting arching in LTP (Jenck, Dias & Kastner,

2009)

Soil arching is strongly dependent on the relative displacement between the inclusion head and
foundation subsoil, and there exists a critical relative displacement where the soil arching is most
efficient in transferring load to the inclusion head (Chen, Cao & Chen, 2008; Chevalier, Villard &
Combe, 2010). Chen et al. (2008) reported that the magnitude of this relative displacement is 8-13
mm. This point corresponds to the gradual mobilisation of shear strength within the granular material
of the load transfer platform (ASIRI, 2012). A characteristic displacement pattern forms within the
load transfer platform. A conical zone of relatively low displacement forms above the inclusion head.
Shear stress concentrates along the boundary of the cone and the zone of higher settlement between
inclusions. With reference to this characteristic pattern Carlsson (1987) suggested a cone angle, or
angle of arching (Figure 2.20) equal to 15°, regardless of the LTP material characteristics (Chevalier,
Villard & Combe, 2010). This is in agreement with Van Eekelen et al. (2003, 2012) who reported
angle of arching values between 13.7° and 16.9°. Contrary to these findings, for a numerical study,
Chevalier et al. (2010) reported an angle between 30° and 45° (Figure 2.21), which was correlated to

the residual friction angle and peak friction angle of the LTP material respectively.
Influence of the height of fill:

Several researchers have reported that the load efficiency (E) increases with increasing fill height (H)
above the rigid inclusion heads (Chen et al. 2008; Le Hello & Villard 2009; Jenck et al. 2009; Ellis &
Aslam 2009; Chevalier et al. 2010; Okyay et al. 2010).
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(Chevalier, Villard & Combe, 2010)

This increase in efficiency reaches a limiting value that defines what is called the critical height

(Figure 2.22). This height corresponds to a plane of equal settlement in the arched embankment fill,

where the shear forces have reduced to zero (Naughton, 2007). The critical height decreases with

increasing fill height (van Eekelen, Bezuijen & van Tol, 2013). The critical height is a function of the

diameter or width of the inclusions (d or a), spacing between inclusions (s) and the properties of the

load transfer platform (ASIRI, 2012). In this regard the critical height is often expressed as a
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proportionality factor multiplied by the clear span between adjacent columns (McGuire et al., 2012).
To ensure full arching action and a plane of equal settlement at the LTP surface, various
recommendations have been made with respect to the appropriate proportionality factor (Table 2.2

and Figure 2.22).

Table 2.2 — Summary of existing recommendations for minimum embankment height (McGuire et al., 2012)

Reference Minimum embankment height*
BS8006 (1995) 0.7(s — a)
Carlsson (1987) 1.0(s —a)
Nordic Handbook (2002) 1.2(s —a)
Chen et al. (2008) 1.6(s —a)
Demerdash (1996) 1.7(s — a)
Hewlett & Randolph (1988) 2.0(s —a)

* s = center to center spacing of columns or pile caps *a = width of square pile caps

Influence of the properties of the load transfer platform:

It has been shown (Figure 2.19) that shearing mechanisms result in arching in the load transfer
platform. Shearing is related to the angle of internal friction of the LTP. Several researchers have
confirmed this relationship (Jenck et al., 2009; Chevalier et al., 2010; Van Eekelen et al., 2012, 2013;
Iglesia et al., 2014). Based on laboratory experiments Van Eekelen et al. (2012) concluded that the
lower the friction angle of the LTP material, the less arching occurs during consolidation of the

foundation soil.
Influence of geotextile reinforcement:

When the GR is stiff enough it works in membrane action by attracting load and distributing it to the
inclusion head, resulting in larger loads at or near the inclusion head. It has been shown by Van
Eekelen et al. (2012, 2013) that when GR is used in the LTP, the result is more efficient arching, a
concentration of load on the GR, an inverse triangular load distribution on the GR, and a larger fall in

stress with depth in the embankment, between the Rls, above the GR.
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Figure 2.22 — Load efficiency (arching A) with fill height (van Eekelen, Bezuijen & van Tol, 2013)
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Influence of the area replacement ratio:

2.5

The area replacement ratio describes the density of reinforcement. Various researchers have shown

that the area replacement ratio has a strong influence on the load transfer efficiency (Jenck, Dias &

Kastner, 2009; Okyay et al., 2014). Jenck et al. (2009) showed that the larger the area replacement

ratio the greater the load transfer efficiency, with good correlation between experimental and

numerical results.

Influence of the foundation subsoil conditions:

Van Eekelen et al. (2012) showed that consolidation or compaction of the subsoil results in an

increase in arching. This agrees with Chen et al. (2008) who showed that soil arching is strongly

dependent on the relative displacement between the inclusion head and foundation subsoil.
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Influence of the type of loading:

In a centrifuge experiment with loading and unloading cycles applied by successive displacements of
a mobile tray, Okyay et al. (2010) showed that loading-unloading cycles do not influence the
maximum load at the inclusion head. However, they did report additional settlement of the foundation

subsoil due to cyclic loading.
Analytical models:

Various analytical models have been developed which attempt to describe load transfer by arching
and membrane action in piled embankments. Section 2.2.8 presents an overview of the available

analytical models.
2.2.4.6 Case of a rigid slab, raft or footing

Rigid structures supported on ground reinforced by rigid inclusions, such as a slab on grade
(Chevalier, Villard & Combe, 2010; ASIRI, 2012), the so called non-contact piled raft foundation
(Fioravante & Giretti, 2010), or disconnected piled raft foundation (Cao, Wong & Chang, 2004) and
footings (Dias & Simon, 2012), have received less research attention when compared to piled

embankments.

Fioravante & Giretti (2010) performed a series of multi-g centrifuge test on piled raft models to
understand the influence of a granular layer disconnecting the piles from structure. The load transfer
platform as well as the subsoil was modelled using sand. Some of the model piles were instrumented
with miniaturised load cells. Load was applied by a servo-controlled hydraulic actuator. Their focus

was on the overall load-settlement behaviour of the system.

Cao et al. (2004) used a small scale laboratory model which simulated two dimensional plane-strain
conditions. Both the foundation subsoil and load transfer platform were modelled using sand. The
piles were instrumented with strain gauges and loads applied with hydraulic jacks. Various patterns of
foundation reinforcement were investigated and their influence on foundation stiffness, differential
settlement, pile forces and skin friction, load sharing between pile and raft and the effect of pile

arrangement and number of piles.

Chevalier et al. (2010) carried out a numerical study by coupling the discrete element method (DEM)
and the finite element method (FEM). These methods were used to model the granular load transfer

layer and geosynthetic reinforcement respectively. Importantly this method was validated by Villard
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et al. (2009) who carried out full scale field experiments. This study focused on the load transfer
mechanisms in the load transfer platform. The results helped draw conclusions regarding the
importance of the LTP thickness in relation to load transfer efficiency and magnitude of vertical

settlement.
Load transfer mechanisms:

The stiffness of a rigid structure imposes a boundary condition of equal settlement at the base of the
structure (Figure 2.16). When the LTP is less than the critical height, the resulting load transfer
mechanisms are fundamentally different to those for a flexible structure. When a rigid structure is
involved, a zone of relatively low displacement is restricted to a column between the inclusion head
and the base of the rigid structure (Chevalier, Villard & Combe, 2010). Figure 2.16 clearly shows that
this zone is less conical and more columnar than the displacement field of a flexible structure.
Chevalier et al. (2010) commented that under rigid loading the total vertical settlement is a function of

the deformation of the zone of relatively low displacement.

Reference case: Ml; Hm = 10cm; SP 30; Hs = 105 cm; a=222%
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Figure 2.23 — Evolution of load efficiency versus transfer platform thickness for the case of an embankment and

rigid structure (ASIRI, 2012)
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Influence of the rigid structure

A rigid structure has a significant influence when the LTP thickness is less than the critical height. In
this case the effect of the rigid structure is to increase both the load transfer efficiency (E) and

transfer of surcharge (G) towards the inclusion heads (Chevalier, Villard & Combe, 2010).
Thickness of the LTP:

The thickness of the LTP has a controlling effect on both load transfer efficiency and the stresses
developed in the base of the rigid structure. As the load transfer platform thickness increases the load
efficiency decreases with a corresponding reduction in the bending stresses within the rigid base of a
structure (ASIRI, 2012). Figure 2.23 shows that as the thickness of the transfer platform increases the

efficiencies converge on a single vale.
Edge effect:

The conditions within the LTP at the edge of a structure may be significantly different to those under
the central area of the structure. This is due to changes in geometrical conditions at the edge of a
structure such as a limited lateral extent of the LTP. Additionally there may be a change in the
effective stress conditions acting to confine the LTP in the vertical and horizontal directions. These
factors may lead to significant stress variations at the edge of the structure which may result in a

reduction in load transferred to the inclusion head, as well as inclined loading (ASIRI, 2012).
2.24.7 Summary

Fundamental concepts:

— The boundary conditions imposed at the base of a structure affect the way load is transferred
to the underlying foundation.

— An equal strain condition exists under rigid loading such as slabs, rafts or footings.

— An equal stress condition exists under flexible loading from earth embankments.

— Both types of loading result in the columns carrying a higher stress than the surrounding soil
due to the difference in stiffness between the soil and the columns.

— Arching is the load transfer mechanism that results in a stress concentration at the inclusion
heads.

— When the load transfer platform includes a geotextile at its base additional load transfer

occurs due to membrane action.
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— The Area replacement ratio (a;) is a measure of the density of reinforcement.

— The stress concentration ratio (1) is a measure of stress concentration at inclusion head.

— Load transfer efficiency (E and G) are a measures of load transfer efficiency to inclusion
head.

— Settlement efficiency (Ege:) is @ measure of the efficiency of the ground improvement

system to reduce settlement.
Flexible structures — Embankments:

— Increasing embankment fill height increases the load transfer efficiency.

— There is a critical height where full arching action is achieved.

— An increase in the LTP strength (¢') increase the load transfer efficiency or arching
efficiency.

— The additional of basal reinforcement in the LTP increases arching efficiency and results in
additional load transfer by of membrane action.

— Anincrease in a, results in increased load transfer efficiency.

— An increase in differential displacement due to subsoil deformation results in an increase in
load transfer efficiency.

— Load transfer efficiency is unaffected by cyclic loading.
Rigid structures — Rafts, slabs footings:

—  When the LTP is less than the critical a rigid boundary condition results in an increase in load
transfer efficiency.

— Anincrease in LTP thickness reduces the load transfer efficiency.

— The geometrical conditions and stress conditions at the edge of structures can result in a

reduction in load transfer efficiency and may cause eccentric or inclined loading.
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2.2.5 Vertical load transfer mechanisms between inclusion and

surrounding soil

2.2.5.1 Introduction

This section describes the load transfer mechanisms between the inclusion and the surrounding soil
(Figure 2.24). Load transfer occurs along the inclusion shaft and at its base. When a pile settles more
than the surrounding soil, shear stresses develop along the length of the pile resulting in positive shaft
friction. Alternatively when the soil settles more than the pile, negative skin friction develops along a
portion of the pile shaft resulting in an increase in axial load (Kempfert, Dieter & Smoltczyk, 2003).
The forces acting to push the pile down or pull the pile up, together with any additional load due to
negative skin friction, are balanced by any mobilised bearing resistance at the pile toe and positive

shaft resistance.
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Figure 2.24 —Vertical load transfer between inclusion and the surrounding soil.

These basic mechanisms of axial load transfer are influenced by changes that occur during the main
phases of the history of a displacement pile (Randolph, 2003). These phases are installation,
equilibration of excess pore pressures and loading (Figure 2.25). The following sections describe the
basic mechanisms of load transfer for displacement piles in sand and clay; consideration is given to
the changes that occur during installation through to loading. For the purposes of this study only end-

bearing in sand is considered.
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Figure 2.25 — The three main phases during the history of a driven pile (a) installation (b) equilibration (c)

loading (Randolph, 2003).

2.2.5.2 Basic mechanisms for displacement piles in clay

The driving of a displacement pile changes the soil in the vicinity of the pile. Randolph (2003)
describes these changes to the soil immediately adjacent to the pile as severe distortion, alteration of
the soil fabric, remoulding and the possible formation of residual shear bands. The soil outside this
shear zone is displaced outwards resulting in an excess pore pressure field around the pile. As time
passes the induced pore pressures gradually dissipate to the hydrostatic pressure as pore water flows
away from the pile. This process results in consolidation of the soil adjacent to the pile with a
decrease in water content and an increase in effective stress. When the pile is finally loaded and
moves relative to the soil, shear stresses develop along the shaft at the pile-soil interface and end-
bearing pressure at the pile tip. In this way the pile offers resistance to the applied load by shaft

friction and end-bearing.

The magnitude of shaft friction in clays as well as sands has been shown to be governed by the local

radial effective stress at failure ar'f and the interface friction angle § (Randolph, 2003; Jardine et al.,

2005; Fellenius, 2006). This relationship is expressed by the effective stress interface friction law:

T= gyptand 2.5)
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The magnitudes of § and o, £ are strongly influenced by the complex installation processes. The radial

effective stress on a pile shaft has been shown to depend on the clays local yield stress ratio (YSR or
apparent OCR), its sensitivity, plasticity index and the relative pile tip depth (Randolph, 2003; Jardine
et al., 2005). Randolph (2003) comments that the interface friction angle will reduce to a residual
value as high rates of shearing occur between pile and soil. The appropriate value of § can be
measured using a ring shear test which simulates the changes that occur during installation and

loading.

Simple correlations for shaft friction have typically been expressed as empirical constants of
proportionality a (75/s,) and B (t5/0,). The undrained shear strength ratio S,, /gy, is a function of
the YSR and alternative correlations were introduced incorporating both shear strength and vertical
effective stress. New more rigorous approaches such as the ICP method (Jardine et al., 2005) have
been developed through a combination of field, laboratory and theoretical research which account for

the various soil parameters described above.
2.253 Basic mechanisms for displacement piles in sand

The installation of a displacement pile in sand changes the stress state and soil fabric around the pile.
These changes influence the behaviour of the pile during loading. During installation the sand close to
the tip of the pile undergoes large displacement and failure. The mean effective stress at the tip rises
from the in situ value to a limiting value at failure. This value can be approximated by the CPT cone
resistance q. (White, 2005). During driving, the soil is displaced radially away from the pile and shear
stresses develop along the pile shaft. The soil immediately adjacent to the shaft undergoes a gradual
densification under the cyclic shearing action of installation (Randolph, 2003). This mechanism
results in a reduction in horizontal stress acting on the shaft as the pile is installed. This phenomenon
is termed friction degradation (Randolph, 2003). The installation process leaves the far-field soil in a
heavily over consolidated state, having been highly stressed at the tip during installation and then

unloaded as the tip is driven deeper.

The pile installation phase is then followed by a period of equalisation in which steady state
conditions are reached. Jardine et al. (2005) has reported that the shaft resistance of piles driven in
sand may grow with time, possibly due to relaxation through creep which results in increased radial
effective stresses. During loading the radial effective stress increases by a relatively small amount due

to interface dilation (Randolph, 2003).
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The magnitude of shaft friction can be expressed by the simple interface friction law given by

equation (2.5). For reasons already discussed the effective radial stress at failure ar’f is the equalised

value acting a few days after installation combined with any changes developed during loading
(Jardine et al., 2005). The local effective radial stress may be estimated from CPT cone resistance q.

which shows that the values of Jr'f varies strongly with sand relatively density (Jardine et al., 2005).

The appropriate interface friction angle 6 is the constant volume value operating after dilation during

shearing.

The end-bearing pressure is typically correlated with CPT cone resistance. Bearing pressure is
strongly dependent on the relative density and critical state friction angle of the soil. Research has
shown that there will be a gradually decreasing gradient of end-bearing pressure with depth (Fleming
et al., 2009). This is due to the influence of a decreasing friction angle with increasing confining
pressure, and the non-linear relationship between stiffness and stress (Randolph, 2003). The
implication of this for practical pile lengths is a gradually decreasing rate of bearing pressure with
depth that asymptotes towards values in the range of 10 to 20 MPa (Fleming et al., 2009). The
movement required to mobilise the ultimate end-bearing pressure is typically taken as 10% of the pile

diameter (Randolph, 2003).
2.2.54 Negative skin friction

During the application of load from the overlying structure the soil between the inclusions settles
relative to the inclusions. This results in the soil moving down relative to the piles and the
development of interface shear stress and load transfer from soil to pile. This shear stress is called
negative skin friction. Negative skin friction results in the development of additional axial forces and
additional settlement of the rigid inclusion. Fellenius (1984; 2006) called this accumulation of load
due to a settling soil drag load. The resulting additional settlement caused by negative skin friction is
termed down drag (Fellenius, 2006) or to avoid connotations with other terms drag settlement

(Poulos, 2009).

It is recognised by many authors that the magnitude of the drag load can be very large for long piles
(Bjerrum, Johannessen & Eide, 1969; Bozozuk, 1972; Fellenius, 1984). Historically the effect of
negative skin friction has been discussed with respect to the drag load reducing the piles bearing
capacity. In contrast Fellenius (1984; 2006) and Poulos (1997; 2009) suggest that this is incorrect, and
that the problem of negative skin friction is one of pile settlement and not bearing capacity. They

argue that for bearing failure to occur, the pile must move past the soil. In this case negative skin



Literature Review 37

friction cannot be present and therefore bearing capacity cannot be reduced by negative skin friction
(Poulos, 2009). In light of this the main concerns for design are, the effect of the additional down drag
loads on the structural integrity of the pile, and the additional settlement of the pile (Poulos, 1997).

Qio

l Axial load

Qsneg

Neutroal plane

Figure 2.26 — Definition of the neutral plane

The forces acting on the inclusion include the load acting on the inclusion head, the drag load acting
on the inclusion shaft, positive shaft resistance and toe resistance (Figure 2.26). These forces are in
equilibrium when there is no accelerating movement in the inclusion. This means that negative skin
friction along the upper portion of the inclusion results in an increase in axial force from the inclusion
head to a maximum value at the depth of equilibrium (Fellenius, 2013). Below this point of
equilibrium, known as the neutral plane, the axial load decreases as load is transferred to the soil by
positive shaft resistance and toe resistance. The neutral plane is thus defined as the depth at which the

shear stress along the shaft changes from negative skin friction to positive shaft resistance (Fellenius,
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2013). This reversal of shear stress corresponds with zero relative displacement between inclusion and
the surrounding soil. Fleming et al. (2009) suggests that the location of the neutral plane varies
depending on the nature of the bearing stratum, or whether the pile is predominantly shaft-bearing
“floating”. The neutral plane typically lies below the mid-point of a pile, the extreme case being a pile
bearing on rock where the neutral plane can be as deep as the bedrock level itself (Fleming et al.,

2009).
2.2.5.5 Summary

Fundamental concepts:

— Relative inclusion-soil movement due to loading at the head results in load transfer from soil
to inclusion and inclusion to soil. The applied loading at the inclusion head has been
discussed in the previous section.

— Negative shaft friction results from the soil settling more than the inclusion. Load is
transferred from soil to inclusion. This results in an increase in the axial load in the inclusion.

— Positive shaft resistance results from the inclusion settling more than the soil. Load is
transferred from inclusion to soil. This results in a decrease in the axial load in the inclusion.

— The neutral plane is defined as the depth along the inclusion shaft where the shear stress
changes from negative shaft friction to positive shaft resistance (Fellenius, 2013).

— The installation of a displacement pile changes the stress state and soil fabric adjacent to the
pile which affects inclusion-soil load transfer.

— The magnitude of shaft friction in clays and sands is governed by the radial effective stress at

failure o, and the effective interface angle § and can be described by the effective stress

interface friction law, T3 = o, stané.

Displacement piles in clay:

— The installation process results in shearing along the shaft, consolidation of the “far-field” soil
and a change in the magnitude of o, rand 8.

— Radial effective stress at failure g, is dependent on the clays YSR (Apparent OCR), PI and
the relative inclusion tip depth.

— The interface friction angle 6 reduces to a residual value during shearing.
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Displacement piles in sand:

— The installation process results in an heavily OC “far-field” soil, friction degradation along
shaft and a change in the magnitude of g, rand §.

— Radial effective stress ar'f varies strongly with relatively density and can estimated by CPT
qc.

— The appropriate interface friction angle § is the constant volume value operating after dilation
during shearing.

— The bearing resistance is influenced by RD and ¢ of the soil and can be correlated with CPT

q..The rate of endearing pressure gradually deceases with depth towards values in the range

of 10 to 20 MPa.
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2.2.6 Lateral load transfer mechanisms between inclusion and

surrounding soil

2.2.6.1 Introduction

When rigid inclusions are used to support an embankment on clay, or when an embankment on clay
forms an approach to a piled bridge abutment, ground movements due to embankment construction
may produce significant lateral loading of the RIs and piles (Figure 2.27 and Figure 2.28). This “free-
field” ground movement in addition to any lateral loading applied at the inclusion head, will induce
deflections and bending moments in the inclusions. In extreme cases this may cause structural distress

or failure of the rigid inclusions or piles or damage to the overlying structure (Stewart et al. 1994).
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Figure 2.27 — Lateral spreading of a reinforced embankment (adapted from Farag, 2008)

The follow sections describe the various sources and mechanisms of lateral loading and their effects
on RIs and piles. Although there are other loading conditions which result in lateral ground movement
only embankment loading is considered. The reader is referred to Poulos (2007) where some of the

other types of loading are considered.
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Figure 2.28 — Loads on piled bridge abutment originating from approach embankment (adapted from Kelesoglu

& Springman, 2011)

2.2.6.2 Clay behaviour during embankment loading

Consider a soft to firm clay stratum under an embankment (Figure 2.27). During construction the
weight from the embankment results in undrained loading of the clay and the generation of positive
excess pore pressures in the region of the loading. With increasing embankment height there is a
corresponding increase in undrained loading and excess pore pressure. A hydraulic gradient is created
between the region of excess pore pressure and any region where steady state pore pressures exist.
Seepage flows occur with time which results in the expulsion of water from the clay pores. The clay
reduces in volume with an associated increase in effective stress as the pore pressures dissipate. This
process is known as consolidation and results in deformation as well as an increase in strength and
stiffness of the clay stratum. With time the rate of volume change decreases and eventually stops

when the pore pressures fully dissipate. Provided no additional loading takes place, a state of constant
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effective stress is reached and generally any deformation from this point on is related to secondary

compression (creep).

During embankment construction to full height, the magnitude of the loading increases and depending
on the rate and duration of the loading, the clay may yield. In idealised terms the yield point (or yield
loci) of soft to firm clay separates broadly recoverable (elastic) and irrecoverable (plastic) straining
(Graham, 2006). As the clay is loaded close to the yield stress its stress-strain behaviour becomes
nonlinear before yielding is fully developed resulting in larger plastic straining. Figure 2.29 shows the
effective stress path (ESP) in p’ — q stress space, for various undrained triaxle tests (CIU) on clay.
The ESP corresponding to contractant clays bend to the left due to an increase in pore pressure during
loading. As the ESP approaches its yield point on the critical state line (CSL), large shear strains
develop as a result of undrained failure. A clay’s ability to sustain shear stress before failure is a

function of its strength. The ultimate strength is the maximum shear stress that can be sustained before

yield.
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Figure 2.29 — Undrained shearing of clay during triaxial (CIU) testing (Potts, 2002)
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2.2.6.3 Mechanisms of lateral loading

Disturbing and resisting forces:

Considering an embankment overlying clay subsoil without reinforcement, the main disturbing force
is the vertical self-weight loading of the embankment fill (Figure 2.27). The other significant
disturbing force is the outward lateral thrust in the embankment slope caused by the equilibrium shear
stress in the fill required to maintain slope stability under self-weight (Jewell, 1988). This outward
lateral thrust is analogous to the equilibrium shear stress along the base of a retaining structure for the
case of a bridge abutment (Figure 2.28). The main resisting force is the shear resistance of the clay
subsoil. The shearing resistance of the embankment fill also offers resistance as it affects the

magnitude of the outward shear stress.

In simplified terms the foundation is subjected to combined vertical and horizontal loading. The effect
of the outward shear stress at the base of the structure is to reduce the capacity of the foundation to
carry the vertical load from the overlying structure (Jewell, 1988). Jewell (1988) demonstrated for the
case of a footing overlying clay, that the bearing capacity of the clay subsoil is reduced by half when

the foundation is subjected to an outward shear stress (Figure 2.30).
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Figure 2.30 — The influence of outward shear stress in reducing the bearing capacity for a surface footing

(Jewell, 1988)
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Yielding of clay and failure modes:

When the disturbing forces exceed the resisting forces in an unreinforced foundation there is
insufficient soil shearing resistance to maintain equilibrium. The clay subsoil will yield leading to
progressive failure which will manifest as excessive settlement and lateral deformations. The various
modes of failure are local bearing failure (soil squeeze), general bearing failure and global slope

failure. The various modes of failure are discussed further in section 2.2.7.
Rate of loading:

Reducing the rate of construction loading can minimise the development of excess pore water
pressures by allowing seepage to occur. A controlled construction rate can limit the magnitude of
undrained loading and allow the clay shear strength to increase during consolidation. This
construction technique allows the foundation to increase in strength and stiffness resulting in the

resisting forces with the imposed loading.
Observed yielding of clay and lateral loading of piles:

Stewart et al. (1994) conducted a series of centrifuge model tests to clarify the effect of these
processes on the lateral loading of pile groups adjacent to embankments constructed on soft clay. The
response of a pile group with increasing embankment height is shown in Figure 2.31 and Figure 2.32 .

Stewart et al. (1994) concludes the following regarding the observed behaviour:

— Two generally linear sections are observed in the data relating pile bending moment and
deflection to embankments loading.

— The first section shows relatively small bending moments and deflections before reaching a
threshold point.

— Beyond this threshold point there is a substantial increase in the rate of bending moments and
deflections with load.

— This threshold was observed to occur at three times the undrained shear strength of the soft
clay stratum.

— The increase in load applied to the piles is caused by an increase in soil displacement due to
the initiation of significant plastic deformation in the soft clay stratum.

—  The threshold loading could be considered a limit to elastic behaviour.

— The threshold loading is not sharp but occurs gradually.
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— This behaviour compares well with the field data as detailed in Stewart et al. (1991) and
Stewart (1992).
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Figure 2.31 — Typical pile bending moment distribution from centrifuge tests (after Stewart 1992): (a) test 9, 18

m thick soft clay layer; (b) test 11, 8 m thick soft clay layer (Stewart, Jewell & Randolph, 1994)

Figure 2.32(b) shows the corresponding development of lateral pile cap deflection with embankment

settlement. Stewart et al. (1994) concludes the following regarding the observed behaviour:

— The initial loading behaviour shows lateral displacement of a similar magnitude to

embankment settlement.

— This initial behaviour is consistent with initial undrained conditions where large

displacements are generated.

— A gradual change then occurs as pore pressures dissipate leading to smaller lateral movements

as vertical displacements become more prevalent.

— Approximately 70% of the pile cap deflection occurred during the undrained phase and the

remaining 30% during the ongoing consolidation.

— Correspondingly about 25 — 30 % of embankment settlement occurred during the undrained

phase.

— This behaviour compares well with the field trials described by Oteo (1977).
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2.2.6.4 Mechanics of reinforcement

Two common methods of providing structural support will be considered in this section. Firstly

reinforcement placed across the base of the embankment in the LTP and secondly embankment

support using a group of rigid inclusions.

Only the reinforcement mechanisms will be discussed in this section. Emphasis is placed on

identifying the mechanics of how the reinforcement acts to improve the foundation bearing capacity

and the embankment stability. The implementation of the reinforcement into the overall strategy for

limiting lateral ground movements is discussed in section 2.3.
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Reinforcement of the embankment fill:

There are two separate ways that reinforcement may be used in embankments. Firstly, reinforcement
can be placed across the base of the embankment. Secondly reinforcement can be incorporated in the
embankment slope. Only the first method will be considered. Reinforcement placed across the base of
the structure improves the shearing resistance of the soil in two separate ways; firstly by reducing the

forces causing failure and secondly by increasing the forces resisting failure (Jewell, 1988).

The basal reinforcement firstly sustains the outward shear stresses from the structure resulting in the
development of membrane tension forces. When the outward thrust is in equilibrium with the tensile
force there is no relative movement between the reinforcement and the foundation surface (Jewell,
1988). Due to the extension of the reinforcement during loading the geotextile may only reduce the
outward shear stress transmitted from the overlying structure to the top of the foundation. The

reinforcement in this instance is acting to reduce the forces causing failure (Jewell, 1988).

The basal reinforcement also acts to restrain the surface of the foundation soil against lateral
movement; an unreinforced embankment cannot restrain the foundation soil from displacing laterally
due to embankment loading (Jewell, 1988). The basal reinforcement provides restraint at the
foundation surface by the same mechanism described above. The reinforcement in this instance is
acting to increase the forces resisting failure (Jewell, 1988).. Both reinforcement mechanisms improve

the bearing capacity of the foundation and hence the stability of the overlying structure (Jewell, 1988).
Embankment support piles / rigid inclusions:

Embankment support piles also act to reduce the forces causing failure and increasing the forces
resisting failure. As discussed in section 0 the main disturbing force for an embankment on soft clay is
the vertical self-weight loading of the embankment fill on the foundation surface. Support piles attract
a large portion of this load due to arching mechanism in the LTP and transfer it to a deeper bearing
stratum. The residual load is transferred to the clay between the piles. In this instance the piles are

acting to reduce the forces causing failure.

When piles are situated in a soft soil layer displacing laterally they limit the lateral movement of the
soil in the vicinity of the pile. Horizontal stresses develop between the pile and soil which generally
results in pile movement and bending moment. This pile-soil interaction is the lateral-load analogue of
the phenomenon of “negative skin friction” developed in piles when the surrounding soil settles more
than the pile (Poulos & Davis, 1980). If the piles are closely spaced aching may occur between the

piles and soil. The presence of a group of piles in a deforming soil layer will reduce the overall
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magnitude of the movement and in this instance the rigid inclusions are acting to increase the forces
resisting failure. The behaviour of the piles and the degree to which they offer resistance is influenced

by a number of factors which are discussed in the following section.
2.2.6.5 The effects of lateral ground movements on piles

The problem of a pile subjected to a laterally displacing soil has been analysed on a theoretical basis
by Poulos & Davis (1980) and is described below. The behaviour of the pile was shown to be
influenced by the relative pile-soil flexibility, restraint conditions at the pile head and tip, pile spacing
and diameter and distribution of soil movement. Additionally the behaviour of piles in moving ground

is dependant of the mode of ground failure.

Pile-soil interaction is dependant the relative pile-soil flexibility. Very flexible piles will deform with
the soil almost exactly and develop small lateral earth pressures and moments. A stiffer pile resists the
soil movement resulting in an increase in earth pressure and moment. A possible exception to this
behaviour is a very stiff pile undergoing rigid body tilt rather than bending about a point along its
length. When a pile deflects due to moving soil, the horizontal earth pressure on the pile is partially
relieved. The nonlinear stress-strain behaviour of soil undergoing large displacements results in a
reduction in soil stiffness and as a consequence a reduction in the applied lateral earth pressure on the

pile. The applied stress reaches a limiting value as the soil begins to yield and flow around the pile.

The effect of the boundary conditions at the pile head and tip are shown in Figure 2.33. The provision
of head restraint reduces the pile movement near the tip, but also increases the bending moment
(Poulos & Davis, 1980). For a piles of equivalent flexibility, subjected to the same soil movement

distribution, the free head condition results in greater movement near tip and a lower moment.

The effect of the soil movement distribution has a large effect on the pressures and moments
developed in the pile. Three typical movement distributions were considered; a uniform soil-
movement profile, a triangular distribution and a uniform-triangular distribution. Figure 2.34 presents
movement and moment distributions for an unrestrained free head and pinned tip. The uniform soil-
movement profile produces the greatest moment in the pile. The lowest moment results from a
triangular distribution with zero movement at the base of the layer and the maximum movement at the
top of the layer (Poulos & Davis, 1980). For relatively flexible piles, the head movement is largely

dependent on the soil surface movement (Poulos & Davis, 1980).
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The principal effect of changing the pile diameter is to change the pile flexibility. Increasing the pile
diameter, reduces the pile flexibility, increases the lateral earth pressures and moments and changes
the pile-movement distribution. The effect of reducing the spacing of the piles is to maximise the soil

arching between the piles which minimises the flow of soil between them.
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Poulos (1995) related the behaviour of piles in moving ground to three modes of ground failure
(Figure 2.35) and a structural failure mode. The first is the flow mode when a shallow slide results in
the unstable zone deforming plastically and flowing around the pile. The short pile mode is
characterised by a deep slide relative to the pile toe; the unstable zone drags the pile through the stable
zone and full mobilization of soil strength in the stable layer occurs. The intermediate mode occurs
when the soil strength in both the unstable and stable soil is fully mobilised along the pile length
(Poulos, 1995). The long pile failure mode occurs when the pile yields due to structural failure in
bending or shear; this mode can be associated with any of the three modes of ground failure, although
Poulos (1995) comments it is most likely to occur with the intermediate mode. Two important
practical applications may be drawn from Figure 2.35. Firstly the flow mode results in the smallest
structural forces and moments in the pile. Secondly the intermediate mode develops the largest
structural forces and moments in the pile. The soil failure modes are dependent on a number of factors
including, geometrical properties of the pile, relative pile-soil strength and stiffness and the relative

lengths of the pile in the stable and unstable zone.
2.2.6.6 Summary

Clay behaviour during embankment loading:

— The construction of an embankment or rigid structure over clay subsoil results in undrained
loading.

— The magnitude and rate of loading may cause the clay to yield resulting in plastic deformation
manifesting as excessive settlement and lateral ground movement.

— The onset of yield is a function of the clays undrained shear strength

— If the rate of loading is slow enough the clay consolidates resulting in an increase in shear
strength and stiffness. Slow construction can avoid yielding in the clay subsoil and limit

settlement and lateral ground movement.
Mechanics of “‘free-field” lateral loading due to ground movement:

— When a foundation is subjected to both vertical and lateral loading the effect of any outward
shear force is to reduce the ability of foundation to carry the vertical load (Jewell, 1988).

— The main disturbing force is the vertical self-weight of the embankment or structure (Jewell,

1988).
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— The secondary disturbing force is the outward lateral thrust in the embankment slope or rigid
structure (Jewell, 1988).

— The main resisting force is the shear resistance of clay.

— A secondary resisting force is the shear resistance of fill.

— When disturbing forces exceed resisting forces the clay yields signalling the onset of plastic
deformation and results in lateral “free-field” ground movement.

— Stewart et al. (1994b) observed this transition from elastic to plastic behaviour at an
embankment load of three times the clay’s undrained shear strength.

— The majority of lateral ground movement occurs during undrained loading and results in
lateral loading of piles.

— Stewart et al. (1994b) observed that 70% of the pile cap deflection occurred during the

undrained phase.
Mechanics of reinforcement:

— Two methods of reinforcement were considered, namely, basal reinforcement and
embankment support with a group of rigid inclusions.

— Reinforcement acts to reduce the forces causing failure and increase the forces resisting
failure (Jewell, 1988).

— Basal reinforcement sustains the outward shear stress and restrains the surface of the

foundation soil against lateral movement (Jewell, 1988).
Factors affecting the behaviour of a pile subjected to laterally displacing soil:

— Relative pile-soil flexibility: The stiffer the pile the more it resists the soil movement resulting
in an increase in bending moment and earth pressure against the pile.

— Boundary conditions at head of inclusion: Head restraint reduces the pile movement near the
tip, but also increases the moment (Poulos & Davis, 1980).

— Soil movement distribution: affects the pressures and moments developed; three typical
movement profiles, (1) uniform soil-movement profile, a (2) triangular distribution and a (3)
uniform-triangular distribution. The uniform soil-movement profile produces the greatest
moment in the pile.

— Pile diameter: Affects pile-soil flexibility (See above).

— Failure mode of soil: flow mode; short pile mode; intermediate mode; long pile mode.

Intermediate mode develops the largest structural forces and moments in the pile.
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2.2.7 Failure modes of a group of individual inclusions

2.2.7.1 Introduction

Research since the 1980s has revealed that individual columns under embankment type loading have
various modes of failure which are dependent on their location relative to the superstructure and the
active, transitional and passive zones in the foundation. Historically embankment stability has been

evaluated for a single failure mode based on a slip circle shear failure mechanism.

In the late 1980s and the middle of the 1990s a series of centrifuge model tests were carried out in
Japan to identify the modes of failure of group column improved ground (Kitazume & Terashi,
2013a). The centrifuge model tests were carried out for rigid structures such as concrete caissons
(Kitazume et al., 1996; Kitazume, Okano & Miyajima, 2000), as well as flexible structures such as
earth embankments (Kitazume, 2008). In the 1990s following several failures of column supported
embankments, Nordic engineers reconsidered the mode of failure of a group of individual columns
(Kivelo, 1998; Broms, 1999). More recently numerical simulations have been carried out to

investigate the various proposed modes of failure (Han et al., 2004; Navin, 2005; Filz & Navin, 2006).

The following sections describe the failure modes of a group of columns under rigid and flexible

loading based on centrifuge model testing, theoretical considerations and numerical analysis.
2.2.7.2 Observed failure modes from centrifuge model testing

Bearing capacity of a caisson supported by a group of individual columns:

A series of centrifuge model tests were carried out at the Port and Airport Research Institute to study
the bearing capacity problem of a rigid caisson breakwater resting on a group of individual columns
(Kitazume et al., 1996; Kitazume, Okano & Miyajima, 2000). The strength of the columns in terms of
unconfined compressive strength, varied from 0.2 to 27 MPa and the area replacement ratio was 79%.
The foundation comprised normally consolidated soft clay. The caisson was subjected to both vertical

loading as well as combined vertical and lateral loading.

Under combined loading the caisson was observed to collapse due to foundation bearing failure. The
columns sustaining relatively large vertical loads failed during horizontal loading which in turn
resulted in considerable loss of their bearing capacity. At collapse the columns exhibited internal

failure modes such as shear and bending failure (Figure 2.36). An external tilting failure mode was
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observed for high strength columns which did not exhibit internal failure. Slip failure surfaces were

observed in the improved region and extended outward into the unimproved region (Figure 2.37).

Based on these observations a number of conclusion’s can be drawn regarding the failure modes of
individual columns in a group: The failure modes were dependent on the external loading conditions
as well as the column strength. The columns failed in different ways depending on their location
relative to the superstructure and the active, transitional and passive zones in the foundation
(Kitazume & Terashi, 2013b). Columns failed internally due to bending and shear. There was an

external failure mode due to excessive tilting of high strength columns.

Bending failure
Transition zone

(©

Figure 2.36 — Various failure modes for a group of individual columns during centrifuge tests (Kitazume &

Terashi, 2013b)
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Figure 2.37 — Ground deformation during centrifuge tests (Kitazume, Okano & Miyajima, 2000)
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The stability of embankments on a group of individual columns:

Since the middle of the 1990s The Port and Airport Research Institute has studied the modes of failure
of individual columns in a group under embankment type loading (Kitazume & Terashi, 2013Db).
Although the test results have been published elsewhere, Kitazume (2008) recently published all the
results of these model tests, together with design recommendations (Kitazume & Terashi, 2013b). The
centrifuge model tests setup comprised normally consolidated soft clay reinforced with a group of
individual columns. The model foundations were overlain by an embankment with a sloping side. The
embankment fill was placed rapidly during testing until the foundation failed. The strength of the
columns in terms of unconfined compressive strength, was 0.4 MPa, 1.1 MPa and practically infinite
where an acrylic pipe was used (Kitazume & Terashi, 2013b). The area replacement ratios were 28%

and 56%.
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Figure 2.38 — Failure modes of a group of individual columns under embankment loading (Kitazume, 2008)
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It was observed during embankment collapse that the columns tilted and bent outwards. The lower
strength columns failed by bending, exhibiting tensile cracks at two different locations. The high
strength columns failed by tilting outwards. No slip circle failure or sliding failure was observed. One

of the important observations from these tests was the progressive mode of failure.

Based on these results Kitazume (2008) proposed embankment stability be evaluated for shear,
bending and tilting failure, in additional slip circle and sliding failure. It was concluded that individual
columns do not fail simultaneously but rather progressively. In addition, analytical and numerical
calculations were carried out and Kitazume (2008) concluded that embankment stability can be
overestimated by assuming a slip circle shear failure mode without considering other internal failure

modes.
2.2.7.3 Theoretical consideration of failure modes

Nordic engineers also acknowledged the possible overestimation of embankment stability due to the
assumption of a single slip circle shear failure mechanism. Kivelo (1998) examined the resistance of
individual lime/cement columns when they function as dowels in the shear zone of the assumed slip
surface. This theoretical analysis is based on the method proposed by Broms (1972). Broms (1999)
extended this work to take into account the reduction in bearing capacity of the columns caused by
progressive failure. Both methods assume a slip surface passes through the group of columns and their

failure mode is dependent on their location relative to this failure plane (Figure 2.39 and Figure 2.40).
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Figure 2.39 — Failure modes of single columns (Broms, 2004)
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Analysis of single columns under combined loading:

The assumed slip surface passing through the columns is divided into an active, shear (transitional
zone) and passive zone (Figure 2.40). The main function of the columns is to carry the vertical self-
weight loading of the embankment fill (Broms, 1999). The columns must support the weight of the
embankment through the slip surface (Broms, 1999). The resistance of the columns depends mainly
on the axial load in the column at the location of the slip surface (Broms, 1999). The moment capacity
of the columns will be low when the axial load is low. Columns fail when the bending moment
exceeds the moment capacity of the columns. Broms (1999) suggests that single columns should only
be used where the axial load in the columns will be high and lateral displacements are low. This
corresponds to the active zone nearer the centre of an embankment. Single columns located in the

shear or passive zones are very inefficient by comparison (Broms, 1999).
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Figure 2.40 — Failure modes of single columns in the active zone (Broms, 2004)

Lateral ground movements and associated lateral displacement of the columns will reduce the bearing
capacity of the columns. High strength unreinforced columns with a low failure strain, exhibit brittle
behaviour and are most sensitive to this reduction in bearing capacity. In this regard the reduction in

bearing capacity is related to the ductility of the columns and thus to the failure strain (Broms, 1999).
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Failure modes:

Broms (1999) describes a number of possible failure modes of single columns (Figure 2.39) as

follows:

— 3a: Shallow slip surface where the displaced soft soil will flow past the column. The moment
capacity of the column is sufficient in this case to resist the lateral earth pressure.

— 3b: The failure mode of the column when the depth of the slip surface is increased. This
failure mode occurs when one plastic hinge develops at the location of the maximum bending
moment in the column.

— 3c, 3d, 3e: The failure modes when two plastic hinges develop at the location of the
maximum bending moments in the columns.

— 3f: The failure mode for a single column which extends into a firm layer. This failure mode
occurs when the slip surface is located close to the bottom of the soft soil.

— 3g: Failure mode for a column when the slip surface is located close to the bottom of a
column and the column moves through the soft soil as a rigid member.

— 3h: The failure mode when the internal shear resistance of the column section governs.

— 3i: Compression failure of the columns.

— 3j: The columns located in the passive zone will be governed by the tensile strength of the

columns.

2.2.7.4 Observed failure modes from numerical simulation

Relatively few numerical simulations focus on the failure modes of a group of rigid inclusions
compared with simulations dealing primarily with vertical loading and settlement control. Of
particular interest are the numerical simulations performed by Navin (2005), of the centrifuge model
tests described in section 2.2.7.2. The centrifuge test data was used to verify the numerical analysis

method which was then used to analyse the complex soil structure interaction up to failure.

Navin (2005) performed 2D plane strain numerical simulations using the finite difference method
(FDM). The centrifuge models test performed by Kitazume et al. (1996) were simulated. These model
tests and numerical simulations are an excellent example of a group of columns subjected to
combined loading from a rigid structure. The FDM simulations were able to replicate tilting and
bending failure and match the horizontal load displacement behaviour of the model caisson. In order

to capture the bending failure of the low strength columns a constitutive model for the columns with
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material specific failure criteria was required. In these analyses the Mohr-Coulomb model was used to

model the columns.

Navin (2005) performed 2D plane strain and 3D numerical simulations using the finite difference
method (FDM). The centrifuge models test performed by Inagaki et al. (2002) were simulated.. These
model tests and numerical simulations are an excellent example of the behaviour of individual
columns in a group subjected to embankment loading. The columns were modelled as continuous
walls for the case of 2D plane strain conditions. The numerical analyses were able to replicate the
lateral deflections and bending stresses within the columns. Navin (2005) concluded that although the
lateral deflections from two-dimensional analyses are in relatively good agreement with lateral
deflections from the three-dimensional analyses, the 2D analyses under predict the bending stresses in

the columns for the same area replacement ratio.
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Figure 2.41 — Deformed mesh corresponding to low strength column (Navin, 2005)

Filz & Navin (2006) modelled a hypothetical embankment overlying 8.5 m of soft clay, reinforced
with a grid of individual inclusions terminating in sand. The numerical simulations were performed
using the 2D plane strain FDM. The rigid columns were 0.9 m in wide and space at 1.8 m in a square
grid resulting in an area replacement ratio of 20%. The columns had an unconfined compressive
strength of 689 kPa and were modelled with equivalent Mohr-Coulomb properties. The strength of the
clay varied linearly from 10 kPa to 20 kPa at the bottom. Figure 2.42 shows the analysis results where

shear strains developed in the soil and tension failure in the columns. Filz & Navin (2006) concluded
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that the columns failed in bending as the soil between the columns experienced shear distortions and
the failed portions of the columns tilted (Navin, 2005). The FOS determined by numerical simulation
was compared with that determined by limit equilibrium slip circle analyses. Numerical procedures

resulted in a FOS of 1.4 which is significantly lower than the 4.4 determined by LE procedures.

Han et al. (2005) conducted a 2D plane strain numerical study using the FDM to evaluate deep seated
slope failure of embankments supported by a group of individual columns. The column width was
either Im or 2 m and the spacing varied resulting in an area replacement ratio varying from 33% to
50%. The column strength in terms of unconfined compressive strength was 200 kPa. A Mohr
Coulomb failure criterion was used for the columns. Figure 2.43 showing a circular slip failure plane
for the case of an embankment over soft clay without reinforcement. This was selected as the baseline
case for the study. Figure 2.44 shows the shear strain rate contours for the embankment supported by
a group of inclusions. There is no continuous shear-strain rate plane due to the presence of the
inclusions; however this may be the result of the columns being modelled as continuous walls. High
strain rates are observed in front and behind the columns. Han et al. (2005) comments that the failure

surface can be approximated by a three part wedge rather than circular slip.

Shear in soil Tension failure in columns

Figure 2.42 — Results of numerical analyses (FDM) of an embankment supported on isolated columns (Filz &

Navin, 2006)
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Figure 2.43 — Shear strain developed in an unreinforced embankment (Han et al., 2005)
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Figure 2.44 — Shear strain in an embankment reinforced with a group of individual inclusions (Han et al., 2005)

2.2.7.5 Summary

Observed failure modes from centrifuge model testing:

— Individual columns in a group may fail in different ways depending on the external loading
conditions; column geometry, spacing and strength; column location relative to the
superstructure and location relative to the active transitional and passive zones in the

foundation.

— Internal failure modes for columns include bending and shear failure.
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— There is an external failure mode due to excessive tilting of high strength columns.

— There is an external failure mode to bearing failure and slip circle shear failure.

— Columns fail progressively rather than simultaneously.

— Stability can be overestimated by considering only a slip circle shear failure mode without

considering the other failure modes.
Theoretical consideration of failure modes:

— The failure of a group of columns can be analysed on a theoretical basis according to the
methods outlined by Broms (1972), Kivelo (1998) and Broms (1999).

— Broms (1999) accounts for internal failure modes such as bending and shear, external failure
modes such as slip failure, as well as and progressive failure of the columns.

— Assuming a slip circle passes through a group of columns, their mode of failure depends on
their location relative to the slip failure plane.

— The resistance of columns depends mainly on the axial load in the column at the location of
the slip surface; their moment capacity will be low when the axial load is low.

— Single columns should only be used where the axial load in the columns will be high and
lateral displacements are low

— Lateral displacement of the columns will reduce the bearing capacity of the columns

— The reduction in bearing capacity is related to the ductility of the columns and thus to the

failure strain
Observed failure modes from numerical simulation:

— Numerical simulations reproduced internal failure modes such as bending and shear failure as
well as external failure modes such as tilting and excessive soil shear strain forming slip
surfaces.

— For internal failure modes to be captured the columns require a constitutive model with
failure criteria such as the Mohr Coulomb model.

— Three dimensional analysis models the column behaviour most accurately.

—  Numerical analysis confirmed that stability can be overestimated by considering a slip circle

shear failure mechanism without consider the other failure modes.
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2.2.8 Analytical models for the analysis of RI ground improvement

A variety of analytical models are available in literature for the analysis of rigid inclusion ground
improvement. Many of these models relate to basal reinforced piled embankments. The following
subsections only provide an overview of the available models; the detailed load transfer mechanisms
relating to these models have already been presented in the previous sections. For a detailed
description of the model formulae and implementation the reader is referred to the latest revisions of
the British, Dutch, French and German guidelines for the design of basal reinforced piled

embankments.

2.2.8.1 Models for calculating the arching behaviour in piled earth

embankments

The majority of the available analytical models for calculating arching behaviour relate to flexible
structures; in particular basal reinforced piled embankments. These models typically involve two
calculation steps. The first calculation step describes the arching behaviour in the fill and is discussed
in this section (Figure 2.45). The second calculation step describes the effect of the residual load and
associated load-deflection behaviour of the basal reinforcement (van Eekelen, Bezuijen & van Tol,

2015). The second step is discussed in the following section.

geometry
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Figure 2.45 — Load parts applicable to calculation step 1 and step 2 (van Eckelen, Bezuijen & van Tol, 2015)
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Table 2.3 — Arching models implemented in various design guidelines.

Guideline Model Type Arching Model

British; BS 8006 (2016) Frictional model Marston and Anderson (1913); modified by Jones et al. (1990)

Equilibrium model Hewlett & Randolph (1988)

Dutch; CUR226 (2010) Equilibrium model Zaeske (2001); also described in Kempfert et al. (2004)
Dutch; CUR226 (2015) Equilibrium model Concentric Arches, Van Ecekelen et al. (2013)
French; ASIRI (2012) Equilibrium model Hewlett & Randolph (1988)

German; EBGEO (2010) Equilibrium model Zaeske (2001); also described in Kempfert et al. (2004)

The first step calculates the proportion of the total vertical load that is transferred directly from the
overlying structure to the pile heads by an arching mechanism. Van Eekelen et al. (2013) describes
this component as load part A, or ‘arching A’ (Figure 2.45). There are a number of analytical models
for calculating this arching behaviour. They include frictional models, rigid arch models, models
using mechanical elements and limit equilibrium models (Van Eekelen et al. 2015). The various
models available in literature are explained in more detail by Van Eekelen et al. (2013, 2015) and are
also presented in the various national guidelines (Table 2.3). Van Eekelen et al. (2015) suggests that
the application of the arching models should be limited to situations where the distance between the

piles is similar to the conditions for which the models have been validated.

2.2.8.2 Models for calculating the load-deflection behaviour of

geotextile reinforcement in piled earth embankments

The component of vertical load not directed to the pile head is referred to as the ‘residual load’ (van
Eekelen, Bezuijen & van Tol, 2015). Figure 2.45 shows that this residual load is applied to the GR
strip and in situ soil between the piles. The second calculation step is concerned with the load-

defection behaviour of the GR strip under this residual load.

In this step the residual load is divided into load part B and load part C. Load part B is directed
through the GR by membrane action to the pile heads and load part C is transferred to the in situ soil
between the piles. The GR strain is calculated using membrane theory as discussed in (van Eekelen et

al., 2012).
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Two assumptions are made in step 2 that have a significant effect on the calculated load-defection
behaviour of the geotextile (van Eckelen, Bezuijen & van Tol, 2015). The first is the distribution of
load acting over the GR strip. The three most common distributions are uniform, triangular and
inverse triangular (Table 2.4). As discussed in section 2.2.4.4 Van Eekelen et al. (2012) concluded

that this distribution approximates an inverse triangle.

The second assumption relates to the degree of subsoil support allowed in the calculation (Table 2.4).
Consideration should be given to the possibility of loss of subsoil support. Some calculation models
consider full support (van Eekelen et al., 2012), others only consider support underneath the GR strip
between the piles, while others disregard subsoil support entirely. These assumptions significantly

influence the calculated GR strain.

Table 2.4 — Load distribution and degree of support (adapted after van Eekelen et al., 2015)

Guideline Arching Model Load Distribution Support from subsoil

British; BS 8006 (2016) Hewlett & Randolph Uniform No support

Marston and Anderson

Dutch; CUR226 (2010) Zaeske Triangular GR strip

Dutch; CUR226 (2015) Concentric Arches Inverse triangular all GR between piles
French; ASIRI (2012) Hewlett & Randolph Uniform No support

German; EBGEO (2010) Zaeske Triangular GR strip

2.2.8.3 Models for calculating the limiting stress in the LTP

ASIRI (2012) proposes the ultimate stress in the LTP at the inclusion head, gy, is calculated based on
the bearing capacity model proposed by Prandtl (1921). Figure 2.46 shows the Prandtl failure diagram
comprises three distinct zones; a triangular elastic zone (I) directly above the inclusion head, a radial
shear zone (II) bounded by a log spiral curve and a Rankine passive zone (III). The classic bearing

capacity equation takes the form:

¢’ Y
Qio = Squqso +S.N.—— SyNyTp (2.6)
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Figure 2.46 — Prandtl failure diagram for calculating the limiting stress in the LTP (ASIRI, 2012)

(ASIRI, 2012) suggest that the S, N, 7, ¥/, term is neglected due to its negligible contribution for
typical inclusion diameters. Additionally the cohesion term S.N, c’/y, is not applicable to granular
LTP materials. According to Terzaghi the inclusion shape factor s, equals 1 for both axisymmetric

and plane strain conditions. Accordingly equation (2.6) simplifies to:

qio = NquO @7

The term N, relates to the friction angle of the LTP. ASIRI (2012) suggests the friction angle is
selected as a constant volume value rather than a peak value at LTP relative density values greater
than 60%. A constant volume friction angle of 38° is recommended based on a best fit to experimental
data. The term gy is the stress applied to the soil between the inclusions. The Prandtl mechanism is
applicable for situations where the LTP thickness allows the full failure mechanism to develop.

Further commentary regarding these geometrical considerations is provided in ASIRI (2012).
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2.2.84 Models for analysing the global load-deflection behaviour of an

inclusion

ASIRI (2012) presents various so called analytical models for analysing the load-deflection behaviour
of the whole system (RI’s, soil, LTP). These models do not allow for basal reinforcement in the LTP.

Common features to all of the models include:

— Analytical approach considering an elementary reinforced unit cell.

— Fictitious inclusion extends above the inclusion head after Combarieu (1988, 2007, 2008).

—  Unit cell model assimilated to a cylinder composed of two domains,

— Pile and its fictitious inclusion domain; remaining soil volume domain.

— Appropriate stiffness moduli need to be defined for inclusion, LTP and soil.

— Frank and Zhao (1982) mobilisation laws for resistance of tip of inclusion.

— Frank and Zhao (1982) mobilisation laws for shaft friction, or

— Combarieu (1988) mobilisation laws for shaft friction.

— Interaction between both domains is described by the shear stress developed on the common
boundary between domains and reference to t-z curves.

— Equilibrium equations express the variation in forces with depth.

— Boundary conditions imposed at head and base for flexible and rigid structures.

This approach can be used to analyse the load-deflection behaviour of a rigid inclusion beneath the
centre of a flexible or rigid structure under vertical loading. These models provide the settlement of
the inclusion with depth, the average soil settlement with depth, the mobilised shaft friction, the
vertical stress in the soil and the axial force in the inclusion. These models, together with the design
requirements of ASIRI (2012), have been implemented in the multi-purpose foundation design

software FOXTA V3, developed by Terrasol (Cuira & Simon, 2009).

This analytical approach has been extended to the case of a spread footing. This is a special case
where the limited number of inclusions means that the assumption of a large number of identical
adjacent grids is no longer possible. In this case the interaction with the surrounding unreinforced soil
needs to be considered. ASIRI (2012) presents analytical models MV1, MV2 and MV3 which deal
with vertical loading and MH1, MH2 and MH3 which deal with lateral loading or an inclined force.
Each model yields an increasing volume of information but requires an increasing number of

computation steps.
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2.2.8.5 Models for analysing global stability

Various analytical methods are available for assessing the collapse load in a stability problem. Two of
these methods which have been applied to the problem of rigid inclusion ground improvement are the

limit equilibrium method and methods based on yield design theory.

Limit equilibrium methods first involve assuming a failure surface of various simple shapes such as
planar, circular or logspiral. This simplified mode of failure then makes it possible to solve the
problem by simple statics. Several analytical models based on a Prandtl logspiral failure diagram
(Figure 2.46) have been proposed to determine the ultimate bearing capacity of a shallow foundation.

Terzaghi and Meyerhof’s bearing capacity models are commonly used models.

Limit equilibrium slope stability models divide the problem into vertical slices or wedges and
consider the equilibrium of each slice or wedge. The Bishop (1955) method is commonly used and
assumes a circular failure surface divided into a number of slices. The assumption of a shear failure
mode irrespective of the location along the slip surface has been shown in certain cases to

overestimate the stability.

Yield design theory (Salengon, 1983) provides a theoretical framework for evaluating the collapse
load of structures overlying soil reinforced by rigid inclusions. ASIRI (2012) describes two
approaches based on Yield design theory. The simplified approach involves using a restricted part of
the theory, by only considering a kinematic approach; Mohr-Coulomb failure criterion; and the
motion of rigid blocks as defined by a succession of logarithmic spiral arcs. With this approach it is
possible to take the bending strength of inclusions into consideration in addition to their compressive
strength. The comprehensive approach involves applying yield design theory within its general
framework, by considering both static and kinematic approaches and an unrestricted displacement
field. This approach is capable of processing any combination loads and determining the associated
failure mode. ASIRI (2012) recommends this comprehensive approach only for exceptional
structures. This method was applied by Pecker (1998) to the foundations for the Rion Antirion bridge
(Figure 2.12 and Figure 2.13).
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2.2.8.6 Methods to estimate horizontal ground movement due to

embankment loading

Various analytical methods have been developed to estimate horizontal ground movements due to
embankment construction or backfilling behind a retaining wall. Seaman (1994) provides a summary
of the available models for the different calculation methods. The simplest approach utilises empirical

calculation models. Table 2.5 summarises a number of the available empirical models and their input

data.
Table 2.5 — Empirical models to estimate horizontal ground movement (Seaman, 1994).
Reference Method Soil data
required

Bourges and Maximum horizontal movement at varying distance from Undrained shear
Mieussens (1979) | embankment crest or for different embankment widths. Profile of strength

movement with depth.
Marche and Maximum horizontal movement at embankment toe for varying Undrained
Chapuis (1974) embankment width. Young’s modulus
Suzuki (1988) Depth of maximum lateral movement for varying embankment None

width.
Tavenas et al Relationship between horizontal and vertical movements during Undrained shear
(1979) consolidation. Influence of slope angle and factor of safety. strength
2.2.8.7 Methods to estimate the effects of moving soil on piles

Stewart et al. (1994b) provides a summary of the various analytical methods available to estimate the
effects of lateral soil movement on piled foundations. The empirically based methods are useful as a
first order estimate of the behaviour of a pile in moving soil as they are relatively quick and easy to
implement. They are generally restricted to assessing maximum pile bending moment and deflection.

Table 2.6 summarises two of the available empirical models and their input data and output data.
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Table 2.6 —Empirical models to estimate the effect of moving soil on piles (adapted after Stewart et al. 1994)

Reference Method Output

Oteo (1977) Maximum pile bending moment related to relative pile length, with Max bending
correction for embankment geometry. Undrained Young’s modulus of | moment

soil required.

Stewart et al Maximum pile bending moment and pile head deflection related to Max bending
(1992, 1994) relative soil-pile stiffness and current loading level. Undrained shear | moment and pile
strength and undrained Young’s modulus of soil required. head deflection

2.2.9 Numerical methods for the analysis of RI ground improvement

2.2.9.1 Introduction

Numerical analysis methods attempt to satisfy all theoretical requirements, include realistic soil
constitutive models and incorporate boundary conditions that realistically simulate field conditions
(Potts & Zdravkovic, 1999). The finite element (FEM) and finite difference methods (FDM) are the
most widely used approaches. The discrete element method (DEM) is sometimes used for research
purposes. A more detailed description of the implementation of the finite element method is provided
in the next chapter. This section provides an overview of the application of numerical methods for

analysing foundations reinforced with rigid inclusions.
2.2.9.2 Application of numerical methods in research

Table 2.7 presents a summary of research where numerical methods have been used to analyse rigid
inclusion ground improvement. The choice of constitutive model, numerical method and modelling

approach will be discussed in the following sections.
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Table 2.7 — Summary of research which utilised numerical methods for analysing rigid inclusions

Reference Constitutive Model Numerical Method | Structure / Loading
LTP Column Subsoil
Kitazume et al. (2000) MC LE MC FEM (2D-PS) Caisson/V & H
Ellis & Springman (2001) MC LE MCC FEM (2D-PS) Piled Bridge Abutment /
V& H
Inagaki et al. (2002) LE LE SO FEM (2D-PS) Embankment / V & H
Navin (2005); Filz & Navin | MC LE; MC MCC FDM (2D-PS; 3D) Caisson & embankment
(2006) /V&H
Miao et al. (2006) - LE MC FEM (3D) Pile/H
Farag (2008) HS LE LE FEM (2D-PS; 3D) Embankment / V & H
Satibi (2009) HS; HSS LE HS; HSS FEM (2D-AS; 2D- | Embankment / V
PS; 3D)
Villard et al. (2009); Chevalier | - - - DEM-FEM (3D) Embankment; Slab/V
et al. (2010);
Balasubramaniam et al. (2010) MC LE MC FEM (2D-AS; 2D- | Embankment/V & H
PS)
ASIRI (2012) Various Various Various Various Various
Kelesoglu & Springman (2011) | MC LE SSC FEM (3D) Piled Bridge Abutment /
V& H
Den Boogert (2011) MC; HS LE LE FEM (2D-AS; 2D- | Embankment/V
PS; 3D)
Dias et al. (2012) MC LE SS FEA (2D-AS) Slab/V
Dias & Simon (2012) CJS2 LE MCC FDM (3D) Footing/ V & H
Girout et al. (2014) HS; HYP | LE - FEM (2D-AS; 2D- | Embankment / V
PS; 3D)
Peet (2014) MC LE MC FEM (2D-PS; 3D) Embankment / V

MC = Mohr Coulomb Model; HS = Hardening Soil Model; HSS = Hardening Soil Model with Small Strain Stiffness; LE =
Linear Elastic; HYP = Hypo-plastic Model; MCC = Modified Cam Clay Model; SS = Soft Soil Model; SSC = Soft Soil
Creep Model; SO = Sekiguchi - Ohta Model

2D-AS = 2D Axisymmetric; 2D-PS = 2D Plane Strain; DEM-FEM = Coupled DEM-FEM model

V& H = Vertical and Horizontal loading
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2.2.9.3 Idealisation of problem geometry

In order to apply numerical analysis methods to real geotechnical problems certain assumptions and
idealisations of the geometry and boundary conditions must be made. The various structural
applications listed in Table 2.7 have been approximated to either plane strain, axi-symmetric or three-
dimensional conditions. The different approaches have varying degrees of idealization depending on

the size of the problem domain considered.
Plane strain conditions:

Embankments and retaining walls have one very large dimension compared to the other two (Figure
2.48). The assumption of plane strain conditions is suitable when the ground profile, stress state and
loading conditions are uniform in this long dimension. Individual rigid inclusions in a group pattern
are not suited to this idealisation. For plane strain conditions they are modelled as continuous walls.

ASIRI (2012) recommends the following adaptions to ensure realistic behaviour:

— Adapting the width of the wall to maintain a constant area replacement ratio

— Deriving an equivalent EA relative to the axial load and EI relative to the bending stiffness

— Adapt the interface parameters to mobilise the correct shaft friction
The in-plane section analysed can be global, incorporating the entire structure and a number of
inclusions, or a simplified unit cell model. ASIRI (2012) comments that while the plain strain
approach offers an acceptable approximation of the behaviour of the inclusions, it is not well suited to
predicting the stresses in the LTP and the overlying structure. The plane strain model should be

verified with an axisymmetric model.
Axisymmetric conditions:

Rigid inclusions located under the central footprint of a structure are suited to axisymmetric
conditions provided the loading is uniform and vertical. A single unit cell from this central area of the
grid can be assimilated to a cylinder of soil by maintaining the area replacement ratio (Figure 2.47).
Under these conditions the problem possesses rotational symmetry. The model is simplified to
axisymmetric conditions defined by a vertical section where one vertical side has rotational
symmetry. Under these conditions the 3D model geometry is simplified to a single 2D plane where
only half the geometry is modelled. These models are ideal for verifying the behaviour of rigid

inclusions under vertical loading, as well verifying aspects of larger global models.
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Figure 2.47 — Geometric idealisations for a unit cell: (a-a) axisymmetric conditions (b-b & c-c) plane-strain (d-

d) three-dimensional (adapted from Satibi, 2009)
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Three-dimensional models:

Although there are aspects of the problem that can be approximated by either plane strain or
axisymmetric conditions, a grid of rigid inclusions remains a three dimensional problem. To
accurately model the problem in a comprehensive global manner full three dimensional numerical
analysis is required. However, the computer recourses and time required for this type of analysis are
considerable. One strategy to keep the resources and run time within acceptable limits is to take
advantage of the geometric symmetries that exist for the case of a grid of inclusions; there is often a
vertical plane of symmetry perpendicular to the long axis of the problem. Consequently only half a
unit cell needs to be discretised into finite elements to fully represent the problem. This defines the
width of the 3D model in the out-of-plane direction. This type of model still requires a uniform

ground profile, stress state and loading condition in the long dimension.

Embankment

Plane strain section

Figure 2.48 — Suitable geometries for plane-strain conditions (Lees, 2016)
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Figure 2.49 — Suitable geometries for axisymmetric conditions (Lees, 2016)

2.2.94 Constitutive models

Constitutive models are mathematical formulations which describe the behaviour of the in situ soil
and rock, engineered fill and structural elements. All constitutive models are an approximation of the
real soil behaviour. For accurately modelling soil behaviour the main aspects of real soil behaviour
need to be captured. Additionally for accurately modelling the problem of a structure supported by
soil reinforced by rigid inclusions, the mechanisms highlighted in sections 2.2.4 to 2.2.7 need to be
captured. Table 2.7 presents a range of models which have been used to represent the behaviour of the

in situ fine soil, load transfer platform and rigid inclusions.
Modelling aspects of real soil behaviour:

Soil is a multi-phased material comprising a soil skeleton with grain to grain contacts and voids filled
with water or air. When subjected to stress changes soil behaves in a highly non-linear manner which
is often time dependent. The rigid inclusion system comprises two different types of soil, namely
granular soil characterising the fill, load transfer platform and bearing stratum and in situ clay
requiring reinforcement. The most important aspects of real soil behaviour of these soils are discussed
below. This enables an evaluation of the extent to which the constitutive soil models are capable of
describing these aspects. However, it should be remembered that no constitutive model can take

account of all of these aspects of soil behaviour.

— Undrained behaviour of clays: Generation of excess pore pressure; undrained failure of

clays.



Literature Review 77

— Consolidation and creep behaviour of clays

— Strength changes during shear: Contractant and dilatant behaviour of clays; residual shear
strength; softening of clays.

— Stress-dependency of stiffness: In general the higher the confining stress level (deeper) the
larger the stiffness. On the other hand the larger the shear stress levels the smaller the
stiffness.

— Stress-dependency of strength: In general the higher the confining stress level (deeper) the
larger the strength.

— Stress-path dependency of stiffness: Unloading and reloading is stiffer than primary
loading.

— Strain-dependant stiffness: At small strains soil stiffness is high and decays as strains
increase.

— Permanent deformation as a result of loading: Most soils only have a very small elastic
region.

— Soil fabric and inter-particle bonding

— Soil anisotropy
Constitutive Models:

The four most common types of models used to represent the granular fill, soft clay and rigid
inclusions in Table 2.7 are elastic models, simple elastic-plastic models, critical state models and

double hardening models. Table 2.8 summarises the features of these models.
Hooke’s Law (LE):

The linear isotropic elastic model by Hook defines a simple relationship between increments of stress
and increments of strain. It is a two-parameter model defined by Young’s Modulus and Poisons ratio.
It has been widely applied in geotechnical problems due to its simplicity however it cannot simulate
the most important features of real soil behaviour. To some extent, Hooke's law can be used to model
rigid materials such concrete or rock layers or far-field areas where plasticity does not play a role, but

it is not suitable to model soil in general (Brinkgreve, 2005).
Mohr-Coulomb Model:

The Mohr-Coulomb model is an elastic-perfect plasticity model where the yield/failure surface

remains unchanged during yielding. Being a perfectly plastic model there is no hardening or softening



Literature Review 78

law. The model has been formulated for non-associated plasticity. It is a five-parameter model and

requires simple laboratory tests for calibration.

Within the yield surface in the p’ — q stress space the behaviour is linear elastic and on the yield
surface the behaviour is perfectly plastic. Consequently it cannot accurately predict changes in
stress/strain path (primary loading, unloading, reloading) or the significant rotation of principal stress
axes. Notwithstanding these limitations the elastic perfectly plastic model still remains suitable for
problems with monotonic stress/strain paths provided a careful selection of parameters is made (Potts,

2002).
Modified Cam Clay Model:

The Modified Cam Clay (MCC) model based on the critical state concept was presented by Roscoe &
Burland (1968). The failure surface is defined by an elliptical yield locus, together with an associated
flow rule, isotropic hardening and softening and linear stress-dependent stiffness. It is a five-

parameter model and requires simple laboratory tests for calibration.

The MCC model is able to capture many aspects of real soil behaviour such as yield behaviour,
consolidation and shear-induced contraction and dilatation. Limitations of this model relate mainly to
the associated flow rule and consideration of only volumetric hardening. The model cannot accurately
predict cyclic behaviour, sharp changes in stress/strain paths or the significant rotation of principal
stress axes (Potts, 2002). Lees (2016) comments that the MCC model is best suited to predicting the

deformation behaviour of soft soils under compression.

The Soft Soil Model (Stolle, Bonnier & Vermeer, 1997) incorporate concepts of Modified Cam Clay
Model and Soft Soil Creep Model (Vermeer & Neher, 1999) adds the concept of viscoplasticity to

model creep behaviour.
Hardening Soil Model:

The Hardening Soil model (Schanz, Vermeer & Bonnier, 1999) is a double hardening model. Friction
hardening models irreversible plastic shear strain. Cap hardening models irreversible plastic
volumetric strain. Failure is defined by means of the Mohr Coulomb failure criterion. Stress-
dependent stiffness is modelled by a power law formulation. Frictional hardening follows a non-
associated flow rule, whereas cap hardening follows an associated flow rule (Schanz, Vermeer &
Bonnier, 1999). The Hardening Soil model is an 11-parameter model and requires simple laboratory

tests for calibration.
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One of the main advantages of this model is its ability to model the dependency of soil stiffness on

stress (Schanz, Vermeer & Bonnier, 1999). Additionally in undrained loading the model is able to

show a reduction in mean effective stress for soft soils (contractant) and an increase in mean effective

stress for stiffer soils (dilatant) (Schanz, Vermeer & Bonnier, 1999). It cannot model anisotropic

strength and stiffness or creep behaviour but is an accurate soil model for all the applications listed

above. Benz (2007) implemented a small strain overlay for this model (HS small model).

Table 2.8 — Constitutive models, their attributes and their capabilities (adapted from Lade, 2005)

Type of | Model Reference Suitable soil types Failure surface | Plastic Hardening

model Sand | Clay | Cem* / Yield Surface | Potential Parameter

Elastic Hook’s Zienkiewicz Yes Yes | Yes NA NA NA

Law etal. (1977)

Simple Mohr- Brinkgreve et | Yes Yes | Yes Mohr-Coulomb | Non- None

Elastic Coulomb al. (2016) / Equal to | associated

Plastic Failure Surface

Critical Modified Roscoe & | No Yes | No Extended von | Associated Plastic

State Cam Clay Burland Mises / volumetric

(1968) Elliptical Cap strain

Double Hardening Schanz et al. | Yes Yes | Yes Mohr-Coulomb | Non- Plastic

Hardening Soil Model | (1999) / Curved Mohr- | associated volumetric &
Coulomb & | and shear strain
Elliptical Cap associated

*Cemented

Summary of important features of constative models for the load transfer platform and fill:

— Second order model such as double hardening model which captures the rotation of principal

stresses and improved prediction of lateral deflection.

— Stress-dependent stiffness and strength due to large stress ranges.

— Non-linear stress path dependent stiffness for improved deflection predictions.

— Strain-dependent stiffness for improved deflection predictions.
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Summary of important features of constative models for clay:

— Second order model such as double hardening model required for capturing rotation of
principal stresses, plastic straining pre-failure and accurate lateral deflection predictions.

— Stress-dependent stiffness due to large stress ranges.

— Non-linear stress path dependent stiffness for improved deflection predictions.

— Strain-dependent stiffness for improved deflection predictions.

— Models incorporating softening behaviour may be important.

— Models incorporating creep behaviour may be important.

— Models incorporating anisotropic behaviour may be important.
Summary of important features of constative models for rigid inclusions:

— A constitutive model with material-specific failure criterion.
— Simple linear elastic models are acceptable for certain applications provided an appropriate

modulus is selected.
2.2.9.5 Modelling structures and interfaces

Modelling Rigid Inclusions:

Structures that have significant volume such as rigid inclusions can be modelled with either volume
elements (continuum elements) or with linear elements such as beams or plates (Non-continuum
elements). Due to the complex behaviour of rigid inclusions, continuum elements are generally used
to accurately model the load transfer mechanisms at the head and along the shaft as well as structural
behaviour up to failure. Many researchers introduce a soft beam element into the volume element to

facilitate the extraction of inclusion forces and moments.
Modelling Basal Reinforcement (Membrane Element):

Flexible reinforcing strips such as geotextiles and geogrids are modelled as membrane elements which
cannot transmit bending moments or shear forces and can only sustain tensile forces (no

compression).
Modelling Interfaces:

Interface elements can be used to model the boundary between soil and structure. They allow

differential movement of the soil and the structure including slip and separation. Of the various



Literature Review 81

methods used to model interfaces, the special interface or joint elements of zero thickness are the most
popular. A Coulomb failure criterion often defines the elastic-plastic behaviour in terms of effective

stress, while a simple limiting shear stress is used for undrained analyses (Lees, 2016).
2.2.9.6 Boundary conditions

The term boundary condition is used to cover all possible additional conditions that may be necessary
to fully describe a particular problem. Numerical analysis allows for loading conditions such as point
loads, boundary stresses, body forces (gravity loading), prescribed displacements, hydraulic

conditions, seepage flows, pore pressures, initial conditions and construction and excavation.
2.2.9.7 Advantages and limitations

Advantages:

— Numerical analysis is a complete theoretical solution which accounts for equilibrium,
compatibility of force and displacement, material constitutive behaviour and boundary
conditions.

— It has the ability to provide information on local and global stability, structural forces,
movements of the structure and adjacent ground and movements and structural forces in
adjacent structures.

— It has the ability to predict the behaviour of complex three dimensional field situations.

— Accounts for in situ stress conditions.

— Accounts for large displacements.

— Can simulate construction and excavation.

— Can be used to investigate soil-structure interaction.

— Has the ability to vary the behaviour of the soil-structure interface and to allow differential
movement of the soil and structure.

— Identifies the most critical failure mechanism.

— Can be used to calibrate other methods of analysis.
Limitations:

— Requires specialist knowledge in a range of subjects such as soil mechanics, geotechnical

engineering and the theory behind numerical methods.
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— Constitutive models are limited in their ability to describe real soil behaviour.

— Require large amounts of computing resource and calculation time.

2.2.10Construction

2.2.10.1 Introduction

Rigid inclusion ground improvement typically involves three main execution phases, namely
construction of a working platform, installation of a grid of rigid inclusions and installation of the load
transfer platform. The sequence of the works depends on the engineering application. Rigid inclusions
can be installed by either extraction techniques or displacement techniques. Displacement techniques
can be further subdivided on the basis of whether the inclusion is prefabricated or cast in situ. Table

2.9 provides a list of the main types of rigid inclusions and some of their characteristics.
2.2.10.2 Execution of rigid inclusions

Rigid inclusions can be installed before or after the construction of the working platform. The

following sections only deal with augured and vibro-driven cast in situ displacement methods.
Augured cast in situ soil displacement method.:

This technique involves a specially designed auger with a reverse pitch, meaning it is screwed into the
soil. The soil is displaced laterally without any excavation or vibration. The auger is screwed into the
soil to the required depth using equipment with high torque capacity. The inclusion is formed during
the extraction process by pumping a grout-cement mix through the centre of the auger. The mixture is
often pumped under slight pressure. The grout-cement mix design can be carefully controlled to
provide the required strength and stiffness column suited to the project. This type of inclusion is often
referred to as a controlled modulus column (CMC). Typical diameters range from 250 mm to 450 mm

(Menard, 2016).
Vibro-driven cast in situ soil displacement method:

This techniques involves the use of a bottom feed vibrator, also called a vibroflot or vibro-probe. The
probe is supported by custom built machine or crane hung assembly. The installation process involves

positioning the probe at the column location, followed by pumping of concrete into the internal tube.



Literature Review 83

The probe is then vibrated into the ground to the required depth. The inclusion is then formed during
the extraction process by pumping concrete through the centre of the probe. The probe can be raised
and lowered several times to create an expanded base. This type of inclusion is often referred to as a
vibro-concrete column (VCC). Typical diameters range from 250 mm to 420 mm (ASIRI, 2012); but
columns as large as 800 mm can be achieved (Menard 2015, pers. comm., 31 March). The VCC is
techniques is capable of production rates of 200 — 300 linear meters per day, depending on the soil

type (Menard, 2016).

Figure 2.51 — Vibro concrete column crane hung assembly (Menard, 2016a)

Offshore crane-hung assembly:
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The vibro-driven method can be used offshore. A crawler crane of sufficient capacity is used to
support the vibrator. A barge or pontoon serves as a working platform on which a crawler crane is
mounted to support the assembly. Positioning is performed with the assistance of a global positioning

system. Driving to the required depth is often assisted by vibrations and air jetting.

Figure 2.52 — Offshore crane hung assembly (Menard, 2016a)

In situ casting methodology:

It is important that the installation method does not collapse the hole or cause necking of the RI. This
typically means the inclusion is formed in a single pour with the inclusion head terminating in a good

quality material above the desired cut-off level.
Preparation of the inclusion head:

The head of the inclusion needs to be set at an appropriate level and the quality of the concrete at the
inclusion head needs to be intact. This can be achieved by cutting the rigid inclusion head to the
required level and quality. Under certain circumstances it may either not be necessary or practically

possible to cut the inclusion head.
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Table 2.9 — Various characteristic of main rigid inclusion types (ASIRI, 2012)

Estimated long-term

Type of inclusion Vibrations | Noise | Excavation
modulus (MPa)
wood yes yes no 10000 - 15000
Prefabricated steel yes yes no 210000
concrete yes yes no 10000 — 20000
Drilled by
) yes no
percussion
Vibro-driven yes no shallow
Dri Simple bored 1o 1o yes Mortar: 5000 — 10000 @
riven,
hammered or Drilled cased or no no yes Concrete C15: 9000 @
bored sludge drilled
Fabricated in Concrete C25: 11000 @
. Bored with
situ ) no no yes
continuous auger
Bored with
no no shallow
displacement
Soil mixing no no shallow Variable: 250 — 9000 @
Treated soil
500 — 1000
columns Jet grouting no no shallow

X compressive strength

1 - Depends on type of concrete and reinforcing; 2 - Depends on type of grout / concrete; 3 - Depends on type of binder and

soil

Minimum grid spacing to limit interference:

The sequence or spacing of rigid inclusions should prevent damage caused by the installation of
adjacent inclusions before the concrete has gained sufficient strength. ASIRI (2012) recommends a

minimum distance of four diameters for inclusions installed by displacement techniques.
Summary of inclusion types by execution method:

For a detailed description of the various installation methods the reader is referred to ASIRI (2012)
and the state-of-art report on construction processes by Chu et al. (2009). Table 2.9 lists the various

characteristics of the main types of rigid inclusions.
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2.2.10.3 Execution of load transfer platform

The load transfer platform is defined as the layer between the inclusion head and the base of the
overlying structure. The LTP material is typically granular but may include binders or basal
reinforcement within its layer works (Figure 2.53). The LTP material, geometry and the addition of
binders or reinforcement, are a function of the engineering application and the performance

requirements for the project.

Figure 2.53 — Steel reinforcement cage under embankment LTP for LGV project Paris, Bordeaux (Coghlan,

Plomteux & Racinais, 2016)
Working platform:

A working platform is typically constructed before the RI works to provide a stable base for the
installation equipment and to protect the inclusion from construction activity. The working platform is

typically constructed from the same material as the LTP and may in fact form part of the LTP.
Sequence of load transfer platform installation:

Depending on the engineering application, the LTP can be installed prior to or after the installation of
the rigid inclusions. Benefits of prior installation are the ability to compact the LTP without damaging
the inclusions, termination of the inclusion in a good quality material and limiting heave of the

surrounding soil caused by the displacement method.
Execution of the load transfer platform:

The execution of the load transfer platform involves typical earth works activities and equipment

related to forming granular layer works. The works typically includes excavation, initial grading,
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compaction and finish grading. Compaction and quality control measures are required. Specialist

works may include the addition of binders and the installation of basal reinforcement.

The construction process typically involves grading the fill to the line and grade required by the
drawings. The fill is compacted with the addition of water to achieve the optimum moisture content

for compaction. Finally, soft spots are identified, replaced and recompacted.

For execution in the marine environment, speciality screeding and compaction equipment may be
needed. Marine screeding equipment may include travelling screed hoppers, screeding beams and
stone tremie tubes. Marine compaction equipment may include a vibrating plate, a dynamic

compaction pounder or a vibroflot.
Minimum characteristics and thickness of the material used for the LTP

The LTPs ability to direct load to the inclusion head by an arching mechanism is a function of the
granular materials strength of relative density. The material characteristics, strength and compaction

are justified by typical testing standards. Only unstablised materials are considered here.

Unstablised (granular) LTPs may comprise a wide range of soils and aggregates. Typical materials
include crushed stone, sand-gravels, sands and recycled crushed concrete. The following should be
considered when selecting a suitable material (with typical values): maximum particle size (of no
more than one third the layer thicknesses); fines content (Less than 15% passing pm sieve); plasticity
index (6 or less); liquid limit (25 or less); Los Angeles abrasion resistance of 50 or less; permeability
(45m/day). Additional considerations for aggregate materials include aggregate uniformity (Dgs/Dss),
density (> 2600 kg/m?), water absorption (> 2%), strength and durability (AIV < 30%; 10% FV >
120 kN; AAV < 15%).

ASIRI (2012) established the shear parameters for an LTP composed of industrial gravel under rigid
loading. At a relative density of 85% the peak friction angle was 42° reducing to 38° at the maximum
load. At a RD of 65% no peak was observed and it was concluded that a friction angle of 38° was

representative of the critical state.

ASIRI (2012) recommends a minimum thickness of 400 mm for the LTP of a raft or ground slab and

300 mm under a footing.



Literature Review 88

Basal Reinforcement:

The LTP may include one or more layers of geotextile within its layer works. Although the geotextile
typically performs a reinforcing function it may also be used for separation and filtration. There are
various standard specifications governing the characteristics, implementation and quality control of

geotextile related products such as:

e BS EN 13251:2014+A1:2015. Geotextiles and geotextile-related products. Characteristics
required for use in earthworks, foundations and retaining structures.
e PD CEN/TR 15019:2005. Geotextiles and geotextile-related products. On-site quality control
Table 2.10 provides an example of the required parameters for a geotextile used for reinforcement,

separation and filtration, in construction of earthworks, foundations and retaining structures.

Table 2.10 — Geotextile properties (adapted from BS EN 13251, 2015)

Product: Composite geotextile and geotextile related products
For reinforcement, separation and filtration, in construction of earthworks,
Intended use . L.
foundations and retaining structures.
Machine direction (MD) kN/m
- - - BS EN 13251
Cross machine direction (CMD) kN/m
. EN ISO 10319
Tensile strength (Tyax) Elongation (gymax) %
o BS EN 13251
Creep limited strength (120 years) kN/m
EN ISO 10319
Resistance to static BS EN 13251
CBR test kN/m
puncture EN ISO 12236
. , | BSEN 13251
Water permeability Normal to Plane I/m’s
EN ISO 11058
Characteristic opening BS EN 13251
. Ogsw um
size EN ISO 12956
. To be declared in accordance with the relevant BS EN 13251
Durability -
clause of EN 13251, Annex B Annex B
Release of dangerous . . . National Regulations
Less than required by national regulations - .
substances in force
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2.2.10.4 Testing and Monitoring

In order to guarantee the quality of the rigid inclusions and the quality and thickness of the load
transfer platform, various tests, controls and monitoring activities are required, some of which

include:

— Static load tests on a group of working or trial inclusions.

— Field tests conducted before the general works.

— Structural integrity tests along the shaft.

— Execution controls relating to layout and positioning of inclusions.
— Execution controls for the LTP thickness and compaction.

— Execution controls relating to the placement and protection of the geotextile.

It is beyond the scope of this review to discuss these tests, controls and monitoring activates. The

reader is referred to ASIRI (2012) for a general discussion of each topic.

2.2.11 Summary

The topic of RI ground reinforcement has been covered broadly and in this regard this part of the
literature review serves as an overview of the topic for various fields of application. Emphasis was
placed on the mechanics of the problem which are covered in sections 2.2.4 to 2.2.7; a summary has

been provided at the end of each section.

The following summarises the key findings for the specific structural application of a caisson quay

wall supported by Rls:

— A caisson quay wall imposes a rigid boundary condition at the base of the structure.

— For the case where Rls are extended behind the caisson to support the backfill, as is
suggested in the next section, the problem includes an upper flexible boundary condition.

— The presence of both boundary conditions means all the load transfer mechanisms
presented in sections 2.2.4 to 2.2.7 are relevant to this problem.

— The embankment type loading from the caisson backfill has the potential to produce
significant lateral ground movements.

— Unreinforced RlIs are vulnerable to lateral loading from ground movements due to their

brittle behaviour.
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— The behaviour of individual inclusions beneath a caisson subjected to lateral ground
movements depends on the relative inclusion-soil flexibility, free-head condition, soil
movement distribution and failure mode of the soil.

— Under combined vertical and lateral loading from the caisson, internal failure modes for
columns such as bending and shear failure should be considered. Additionally there is an
external failure mode due to excessive tilting.

— Various analytical models are available for analysing the behaviour of RIs. Most focus on
vertical loading and are therefore are limited for this application.

— Various analytical models are available for estimating lateral ground movements and the
effects on inclusions. These models are useful as a first order estimate of behaviour due to
the embankment type loading from the caisson backfill.

— Three-dimensional numerical modelling has the ability to predict the behaviour of this
complex three dimensional field situation.

— The vibro-driven cast in situ soil displacement method is suitable for marine execution

using an offshore crane-hung assembly.
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2.3 Strategies for Limiting and Accommodating Lateral

Loading of Piles

2.3.1 Introduction

The Transport Research Laboratory (TRL) produced a report identifying a number of strategies to
avoid structural damage to highway bridge abutments and their foundations due to lateral soil
movement caused by embankment construction (Seaman, 1994). These strategies are categorised into
those which limit ground movement and those which accommodate ground movement. The report
also identifies the various factors affecting ground movement and the factors affecting the behaviour
of piles in moving soil. The report concludes that not all of the solutions are suitable for every site
and that many of the solutions are most effective when used in combination with one another

(Seaman, 1994).

Caisson quay walls retaining backfill supported by Rls, are analogous to piled bridge abutments
retaining embankments. It is therefore argued that the strategies to limit and accommodate lateral

loading are directly applicable. The following sections are a summary of the TRL guidelines.
2.3.2 Factors affecting horizontal ground movement

The load transfer mechanisms and primary factors affecting lateral horizontal ground movements
have been highlighted in section 2.2.6. They are the vertical self-weight of the structure, outward
lateral thrust in the structure and the strength and stiffness of the clay subsoil. Table 2.11 from the
TRL report highlights these factors, as well as others, and further distinguishes those which have a

direct effect on lateral soil movements from those which have a less directly quantifiable relationship.
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Table 2.11 — Factors influencing lateral soil movements (Seaman, 1994)

Factor influencing soil movement

Increase in magnitude of factor cause lateral soil movement to:

Decrease

Increase

Relationship
quantifiable

not

directly

Vertical stress applied to the soil due to weight of fill

Shear stress applied to the soil due to active thrust from the fill

Shear stress applied to the soil due to compaction pressures on

abutment

Stiffness of fill

Strength of fill

Width of the embankment

Length of the embankment

Embankment slope angle

Distance from the embankment toe

Thickness of soil layer(s) affected by soil movements

Stiffness of the soil

Variation of stiffness with depth

Adhesion between the fill and the soil

Variation of vertical and horizontal stiffness of the soil (anisotropy)

Relationship between stress and strain in the soil

Strength of the soil

Variation of strength with depth

Initial state of stress in the soil

Poisson’s ratio of the soil

Consolidation properties of the soil

Rate of loading

Time after application of loading

Creep effects

e Very significant effect; o less significant effect
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2.3.3 Strategies to limit ground movements

The lateral loading of Rls and piles can be reduced by limiting the magnitude of lateral ground
movements. This can be achieved by a reducing the disturbing forces causing the movement and

increasing the forces resisting the movement. Various construction methods or combinations of

methods are suited to this purpose. Seaman (1994).divides them into three broad categories:

— modification of the embankment load,

— provision of additional structural support to the embankment or structure,

— improvement of the ground itself.

2.3.3.1

Summary of construction methods to modify the embankment

load

Table 2.12 summarises the various strategies for modifying the embankment load. They include the

use of light-weight fills, the use of stronger stiffer fills and changes to the structures geometry. For a

more detailed discussion on each of these methods the reader is referred to Seaman (1994).

Table 2.12 — Construction methods to modify the embankment loading (Seaman, 1994).

Method Brief Description Advantages Disadvantages Special
Requirements

Lightweight Use of material of lower | Requires lower bearing Expanded polystyrene requires Materials testing

Fills density than capacity to support protection from petrol, fire and UV usually required to
conventional fills e.g embankment. Reduced light. PFA is frost susceptible and confirm design
expanded or extruded settlement and lateral may inhibit plant growth. PFA parameters of
polystyrene, PFA and movements. Reduced earth | difficult to handle when wet. lightweight fills.
expanded clay. pressures on structure. Expanded Clay difficult to compact

in unconfined situations.

Stronger Use of material of a Reduced earth pressures Additional construction activity. In situ testing if

stiffer fills higher strength and on structure. compaction measures
stiffness. e.g rock fill or are undertaken.
densified sand.

Change in | Flatten slopes or use Requires lower bearing Changes to structure may not suit the | None.

structure berms to counter capacity. Reduced design requirements, may not be

geometry balance potential failure | settlements and lateral practical and may be costly.
zones movements.
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2.3.3.2 Summary of construction methods to provide additional

structural support

Two primary methods of embankment support are presented in section 2.2.6 namely basal
reinforcement and embankment support using rigid inclusions or piles. Table 2.13 summarises these

two strategies.

Table 2.13 — Construction methods to provide additional structural reinforcement to the embankment (Seaman,

1994).

Method

Brief Description

Advantages

Disadvantages

Special Requirements

Reinforcement of
the Embankment

Fill

Incorporation of
tensile
reinforcement
within the fill,

usually at the base.

Increases bearing capacity by
reducing lateral stresses on
soil from embankment fill.
Recues lateral movement
adjacent to embankment,
Can reduce differential

settlements.

Total settlements may not be
reduced. Creep may reduce
long terms reinforcement

strength. Need to avaoid

damage by construction plant.

Requires protection from UV

light and some chemicals.

Long terms testing needed
to determine creep
characteristics of
reinforcement. Need to
establish friction between
reinforcement and fill and

soil.

Embankment Piles carry some or | Settlement of embankment Pile driving may affect Internal angle of friction of

Support Piles all of the weight of | greatly reduced. Reduction stability of existing structures fill needs to be established
the fill. Geotextile of lateral loads on abutment or embankments. Piles are to confirm effectiveness of
can assist arching piles due to soil likely to be affected by arching action. Pile test
action if isolated improvements. negative skin friction. required to confirm bearing
piles are used Geotextile may need to be used | capacity. Negative skin
instead of a raft. to provide lateral restraint at friction potential should be

edges of embankment. assessed.
2.3.3.3 Summary of construction methods to improve the ground

Ground improvement methods can be used to increase the strength and stiffness of the sub-soil prior
to or during embankment construction. Seaman (1994) subdivides these methods into non-intrusive
methods requiring no excavation or insertion into the ground; these include preloading, surcharging
and staged construction. Intrusive methods require excavation or treatment using a probe, such as,
excavation and replacement, soil displacement, vertical drains, granular inclusions and rigid

inclusions. Table 2.14 summarises these methods.
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Table 2.14 — Summary of construction methods used to improve the ground (Seaman, 1994)

Method Brief Description Advantages Disadvantages Special Requirements
Pre-loading Application and Reduction of Can be time-consuming. Double Good knowledge of
removal of load to proportion of handling of fill required. Confidence consolidation

ground before
construction of

permanent works to

consolidation and
secondary settlements.

Soil strength increases.

in design parameters to time pre-

loading required.

characteristics needed
from laboratory and in situ

tests. Full scale trial may

deliberately cause Low grade fill can be be required if timing is
settlement to occur. used for pre-loading. critical.
Surcharging Application of load in | Reduction of Can be time consuming. Bearing Good knowledge of
excess of permanent proportion of capacity should be sufficient to consolidation
load to accelerate rate consolidation and tolerate increased height of fill. characteristics needed
of settlement. secondary settlements. | Confidence in design parameters to from laboratory and in situ
time duration of surcharge required. tests. Full scale trial may
be required if timing is
critical.
Staged Embankment filling Increased embankment | Can be time-consuming. Comprehensive site
Construction rate limited by soil heights and steeper Instrumentation in soil required. investigation and
strength increase due slope angles can be Regular monitoring of data needed. laboratory testing to
to consolidation. achieved. establish consolidation
characteristics and the
anticipated increase in soil
strength during
construction.
Excavation Removal of soft Increased bearing Excavation may be difficult below No special testing other
and ground and capacity. Reduction in | ground water level. Remaining soft than to determine stability
replacement replacement with ground movements. soil may cause differential of excavation and stability

better quality material.

settlements. Disposal of excavated
soil may be a problem. Placement of
fill below the water table requires
careful consideration. Effects of
temporary excavation on nearby

structures should be considered.

and settlement of

embankments.
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Table 2.21 continued — Summary of construction methods used to improve the ground (Seaman, 1994)

Method Brief Description Advantages Disadvantages Special Requirements
Soil Displacement of soft soil | No excavations Large quantities of fill Ability to ensure failure and
Displacement from beneath required. Heaved required. Unsuitable for displacement of soil at tip face
embankment by weight material at sides of thick deposits of soft should be demonstrated. Post
of fill. embankment can ground. Pockets of soft construction testing may be
enhance bearing soil may become trapped required to identify zones of
capacity. and cause differential trapped soft soil.
settlement.
Vertical Installation of a grid of Reduction in time for Must be in conjunction Good knowledge of consolidation
Drains drainage elements to ground movements to with application of load to | characteristics needed from
increase rate of occur after fill has been | the soil. Effects of heave, laboratory and in situ test. Full
consolidation of soft soil. | placed. smear, clogging and scale trials may be required if
discharge capacity need to | timing is critical.
be considered
Stone Columns of granular Increased bearing Wet methods produce No special soil testing
Columns material formed in soil capacity and reduced large quantities of efferent. | requirements. Zone tests of
using vibrating poker. ground movement. Dry method not suitable in | several stone columns
Stone columns act as very soft soils. recommended to confirm
vertical drains performance.
increasing rate of
consolidation.
Vibro Columns of concrete Increased bearing Access required for supply | No special soil testing
Concrete formed in the soil while capacity and reduced of concrete. requirements. Concrete supply
Columns with drawing vibrating ground movements. should be monitored during
poker. formation of columns. Individual
columns may be load tested.
Lime Lime mixed in situ with Increased bearing Strength of the column Laboratory testing of lime and
Columns existing soil by an auger capacity and reduced sensitive to soil chemistry, | soil mixture needed to establish
to produce columns with | ground movements. particularly pH, and high required quantities of lime to be
greter strength and Columns act as drains water contents. Strength added. Zone tests of several lime
stiffness than the to increase rate of measured in field and columns recommended
surrounding soil. settlement. laboratory may differ. confirming performance.
Individual columns can be tested
using penetrometer devices.
Jet Grout | Erosion of soil by high Increased bearing End product dependant on | Testing required to assess
Columns pressure jets of water or capacity and reduced properties of existing soil. quantities of grout required.

grout and subsequent
mixing with grout to
form columns with
greater strength than the

surrounding soil.

ground movements.
Interlocking columns
can provide foundations
of greater bearing

capacity.

Disposal of effluent

required.

Strength of finished columns
should be confirmed by testing
samples of the grout-oil mix and
by zone tests of the finished

columns.
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2.3.4 Factors affecting the behaviour of piles in moving soil

The principal factors affecting the behaviour of RIs or piles in moving soil are:
Soil related factors:

— variation in magnitude of soil movements with depth at the foundation location,
— relationship between soil stiffness and strain,

— strength of the soil,

— relationship between earth pressures on the pile and soil strength,

— rate of movement of soil.
Inclusion / Pile related factors:

— lateral restraint offered to the pile by deeper soil layers,
— pile diameters,

— pile length,

— pile rake,

— pile stiffness,

— pile ductility,

— pile group layout and spacing,

— pile group interaction,

— pile head restraint.
Construction related factors:

— time of pile installation in relation to embankment construction;

— reduction of soil movement due to reinforcing effects of piles.
2.3.5 Strategies to accommodate ground movements

Constraints on the construction of the structure may be such that the measures described in the
previous sections cannot significantly reduce the ground movements. It may prove necessary to adopt
additional measures to supplement those already chosen to limit ground movements. A number of
techniques are available to accommodate ground movement. Seaman (1994) describes a number of

basic approaches, which are listed here and summarised in Table 2.15:
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— Modify the construction sequence so that piles are installed when the remaining ground

movements will not adversely affect the foundation or structure.

— Accept that the piles will be subjected to extreme earth pressures and design them

accordingly.

— Physically isolate the piles from the moving soil.

— Revise the layout of the foundations.

— Adopt a different superstructure arrangement.

Table 2.15 — Summary of strategies to accommodate ground movements (adapted from Seaman, 1994).

Method Brief Description Advantages Disadvantages Special Requirements

Modify Postpone construction of | No additional Delay to scheme Installation of

construction foundations or construction or programme. instrumentation to monitor

sequence superstructure until special techniques movements. Contract may
remaining ground required. need to provide for
movements cannot cause movement continuing
damage. longer than anticipated.

Design piles to | Increase strength of No delays to Increase cost of None.

withstand foundations so that construction foundation.

earth damage does not occur. | programme.

pressures.

Isolate piles

Provide soft barrier

Reduce delays to

Additional expense

Equipment for installation

from ground between pile and moving | construction of barrier systems. of barrier system.
movements soil to accommodate programme. Loss of lateral
movement. support to piles.
Modify the Arranging piles to Reduce delays to Substructure may None.
foundation reduce overall earth construction require modification.
layout pressure on foundation. programme.
Modify the Change overall Reduce delays to Increased cost of None.
structure geometry or details of construction superstructure.
the superstructure. programme.

Modifications to
foundations may be

avoided.
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2.3.6 Summary

The TRL Report 71 by Seaman (1994) focusing on piled bridge abutments provides a valuable
overview of strategies limiting or accommodating soil-induced lateral ground movements. A caisson
quay wall supported on Rls is analogous to a piled bridge abutment and therefore these strategies are

directly applicable.
Significant factors affecting horizontal ground movement include:

— Vertical stress applied to the subsoil due to the weight of the backfill,
— Shear stress applied to the subsoil due to active thrust from backfill,
— Strength and stiffness of the backfill,

— Strength and stiffness of the clay subsoil,

— Rate of loading.
Significant factors affecting the behaviour of the inclusions in moving soil for this problem include:

— Inclusion diameter, length and rake;

— Inclusion strength, stiffness and ductility;

— Inclusion group layout and spacing;

— Lateral restraint offered to the pile by deeper soil layers;

— Reduction of soil movement due to reinforcing effects of piles.
Suitable strategies for limiting lateral ground movement for this problem include:

— Strengthening and stiffening the backfill material,
— Basal reinforcement,

— Supporting the backfill using Rls,

— Excavation and replacement,

— Reducing the rate of loading.
Suitable strategies for accommodating lateral ground movement for this problem include:

— Designing the inclusions to withstand earth pressures,

— Revising the layout of the foundations.
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Chapter 3  Development of the Ground

Improvement Strategy

3.1 Introduction

This section begins with a description of the caisson superstructure, its construction, intrinsic loading
and the subsoil conditions for this problem. Simple analytical calculations are presented which were
firstly used to justify the requirement for RI ground improvement and secondly, provided a first order
estimate of the magnitude of lateral ground movement. Lateral loading of the RIs was identified as a
problem and suitable strategies for limiting this movement were selected. The overall ground
improvement scheme which was implemented in the numerical models is described in detail in this

section.

3.2 Superstructure

3.2.1 Caisson quay wall

The superstructure is a gravity caisson functioning as a quay front structure for a port container
terminal (Figure 1.1 and Figure 3.1). The subsoil condition is characterized by a significant thickness
of clay which requires ground improvement. The caisson capping beam and piled rear crane beam
support the front and rear legs of a ship-to-shore crane. The caisson retains engineered fill which is
used to reclaim the land behind the structure. The reclamation area is used for port operations and

storage.

The caisson selected for this study was adopted as part of the quay front structure for a container
terminal port in Singapore (Leung & Shen, 2008). It is applicable to this study for two reasons; it was
designed to function as a container terminal quay and its size accommodates Post Panamax sized

vessels and STS quay cranes. Only ten percent of the current global container vessel fleet are larger
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than this size (WSC, 2015). In a case study published by Leung & Shen (2008) the dimensions and
weight of the caisson were described in detail. Each caisson is 29.9 m long (along the quay wall line),
16 m wide (20 m wide at the base) and 19.15 m high (Figure 3.1). The caisson and capping beam
retain approximately 22 m of fill and support a 30 m gauge ship-to-shore crane, which is typical for

Post Panamax sized vessels (EAU, 2015).
3.2.2 Construction and operational loading

The construction of this type of marine superstructure typically occurs in a number of sequential
stages (Davies & Mcllquham, 2011). Table 3.1 and Figure 3.2 detail the construction stages
considered in this study. Conservative estimates of time were calculated for the various stages after
execution of the ground improvement works; the basis for these calculations is presented in annexure

B.2.

Table 3.1 — Typical construction stages (adapted from Davies & Mcllquham, 2011)

Stage Description Duration
1 Existing condition before construction commences. -
2 Dredging to founding elevation. -
3 Preparation of the foundation, including any ground improvement. -
4 Caisson placement and filling. 40 days
5 Backfilling behind the caisson and vibrocompaction of the backfill. 80 days + 60 days
6 Construction of the capping beam, layer works and piled rear crane beam. 170 days
7 Operational conditions. -

In addition to the loading arising from the ground during construction, the intrinsic loads imposed on
a container terminal structure include environmental loads due to wind, waves, currents and tides; live
loads due to berthing and mooring vessels; live loads due to cranes, traffic and container handling and
stacking (EAU, 2015). The most unfavourable load combinations that could reasonably coexist for
this type of structure were derived for a recent port expansion project and have been adopted in this
study (ZAA, 2015); they are in line with those specified in similar projects (Davies & Mcllquham,
2011). The load combinations used in this study are summarised in Table 3.2 and illustrated in Figure
3.3.The mooring load was based on a mooring analysis of a Post Panamax vessel (ZAA, 2015). The
STS crane loads were based on an 80 tonne, 30 m gauge STS crane (ZAA, 2015). The operational
surcharges were based on container handling and stacking up to four high (ZAA, 2015). A tidal lag of
1 m was selected (ZAA, 2015).
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Table 3.2 — Characteristic transient load combinations

Description Transient load combinations (KN/m)
Vertical Horizontal

Front crane load and horizontal wind load -746 -46

Rear crane load and horizontal wind load -438 -46
Mooring load - -98
Operational surcharge between front and rear crane rail -20 -
Operational surcharge behind rear crane rail -40 -

Tidal lag of 1 meter - -

*negative is downwards and towards the basin

Crane loack

Vi 438 kN
Crane lood: H 46 kN Surcharge:
Vi 746 kN 40 kPa
H 46 kN Surcharge:
20 kPa
Mooring looch
H: 98 kN
vy : ‘ ‘
\ |
******** ittt = It i R A Im tidal lag

Figure 3.3 — Transient load combinations
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3.3 Subsoil Condition

The hypothetical subsoil condition selected for this study comprises 12 m of soft to firm clay
underlain by a stable bearing layer comprising dense sand (Figure 3.1). This ground profile has been
selected for a number of reasons. Firstly, it is generally understood that soft to firm clay constitutes
poor founding conditions due to its low shear strength, compressibility and time related deformation
problems (Jones & Davies, 1985). Secondly, the locations of many ports coincide with rivers, deltas
and estuaries which are associated with these poor soil conditions, which often require ground
improvement (Hill, 2013). Lastly, in practice, the application of RI ground improvement remains
economically competitive in soft to firm clays (ASIRI, 2012). The subsoil condition is defined as

follows:
Soft to firm clay subsoil:

A saturated unit weight of 17.5 kN/m3 was selected based on the recommendations in EAB (2008)
for high plasticity soft clays. The over consolidation ratio (OCR) in the clay subsoil is 2.6 near its
surface which reduces to 1.9 nears its base. Similarly, the lateral earth pressure coefficient (K,) in the
clay subsoil ranges from 1.0 to 0.75. These values have been selected to be consistent with lightly

over-consolidated clay which typically has an OCR < 3 and K, between 0.5 and 1.0 (Bowles, 1996).

The undrained shear strength profile increases linearly with depth from 30 kPa to 60 kPa. This profile
has been selected to be consistent with a soft to firm clay which is defined by an undrained shear

range from 20 kPa to 70 kPa (Head, 1992).

The clay subsoil has a constrained modulus (M) of 5 MPa at a reference minor principle stress of 100
kPa. This modulus has been selected to be consistent with a firm clay which is typically characterised

by constrained moduli in the range from 3.3 MPa to 10 MPa (Carter & Bentley, 2016).

The clay has a permeability of 4.5 X 1071%m/s which was selected to be consistent with typical

values for clay, which range from 10~°m/s to 10~11m/s (Carter & Bentley, 2016).
Dense sand bearing layer:

Brinkgreve, Engin & Engin (2010) validated the material properties of clean quartz sand for a range
of relative densities. The following properties corresponding to dense sand (RD of 80%) were used in
this study: saturated unit weight of 20 kN /m3; effective friction angle of 38°; constrained modulus of
48 MPa at a reference minor principal stress of 100 kPa. A dilation angle of 8° was specified (v =
@' — ¢@l,). The sand has a permeability of 7 X 10™>m/s which was selected to be consistent with

typical values for clean sand, which range from 10™3m/s to 10~°m/s (Carter & Bentley, 2016).
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3.4 Justification of the Ground Improvement Strategy

The following sections describe the development of the ground improvement strategy. Figure 3.4

illustrates the various phases that were followed in this process.
3.4.1 Requirement for ground improvement

In order to establish whether the foundation required ground improvement it was necessary to define
what ground behaviour was required for this particular structural application. Firstly, the foundation
was required to have sufficient resistance to failure (stability) and, secondly, deform within accepted
limits under the imposed loads. Port engineers typically place stringent limits on the allowable total
and differential deflections of the structure to ensure efficient port operations. For example, the
operational deflection limit specified for the Post-Panamax quay crane used in Singapore was 30 mm
(Leung & Shen, 2008). Therefore the foundation was first checked for sufficient resistance to failure

and then acceptable movements under the imposed loads.
Preliminary assessment of stability:

The concept of bearing capacity relates to stability. An analytical bearing capacity model was used to
provide a first order estimate of the adequacy of the foundation without ground improvement. The
calculation is presented in annexure A.1. Under centric vertical loading during caisson placement and
filling, the caisson exerted a uniform pressure on the foundation of approximately 220 kPa. During
reclamation and backfilling a lateral earth pressure is imposed on the caisson (Figure 3.4a). This
results in an inclined eccentric load on the foundation and a change in the vertical stress distribution
with a maximum stress of 290 kPa at the toe and a minimum stress of 240 kPa at the heel. The
calculated ultimate bearing resistance of the caisson under purely vertical loading was 169 kPa which
reduced by 27% to 123 kPa under inclined eccentric loading. The calculated resistance is insufficient
to prevent bearing failure and excessive deformation. Although there is uncertainty in predictions
using analytical models, it is suggested they are still useful as a first step in the process of considering
ground improvement. Based on this preliminary assessment it was concluded that either the ground
needed to be strengthened and stiffened or the imposed load needed to be reduced; or a combination
of these. Additionally, it was concluded that the inclined eccentric nature of the load significantly
reduces the foundation resistance and in this regard a reduction in the lateral component of the loading

is beneficial.
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3.4.2 Selection of a suitable ground improvement strategy

After establishing that ground improvement was required in terms of stability, an appropriate
technique needed to be selected. The Strategic Highway Research Program 2 (SHRP2) developed a
framework for determining the applicability of specific ground improvement technologies for specific
applications. Table 3.3 details this procedure for the problem of a caisson quay wall constructed over
unstable soil conditions. Ground reinforcement using inclusions was identified as the most suitable
category of techniques. This included aggregate columns, continuous flight auger piles, deep mixing
methods, sand compaction piles, and vibro-concrete columns. RI ground reinforcement installed by
the vibro-concrete column (VCC) method was selected as a suitable technique for the following

reasons:

—  Well suited to saturated weak fine grained soils (ASIRI, 2012).

— Can be used offshore. A crawler crane of sufficient capacity is used to support the vibrator. A
barge or pontoon is used as a working platform on which a crawler crane is mounted to
support the assembly (Coghlan, Plomteux & Racinais, 2016).

— Capable of treatment depths in excess of 15 m below seabed level (Coghlan, Plomteux &
Racinais, 2016).

— Increases the bearing resistance by reducing the forces causing failure and increasing the
forces resisting failure.

— Reduces consolidation settlement by reducing the magnitude of load on the soil between the
inclusions.

— High production rate in the marine environment (Menard, 2016b).

—  Well suited to large areas requiring ground improvement (ASIRI, 2012).

— The method allows for an accelerated schedule for a number of reasons: the inherent strength
and stiffness of the columns and high proportion of load directed to the columns; a preload is
not typically required; the reduced load on the in situ soil means a reduced time to 90 %
consolidation.

— The vibro-driven cast in situ soil displacement method produces very little spoil which is
beneficial in terms of environmental considerations such as the impact of the disposal of spoil

and water pollution (Menard, 2016b).
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Table 3.3 — Selection of applicable ground improvement technique based on the SHRP2 framework
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3.4.3 Description of the Proposed RI System

The overall system comprises the in situ soil reinforced with rigid columns and the load transfer
platform which includes basal reinforcement (Figure 3.4b). The selection of the system geometry,
extent of the reinforcement and material properties, are described below and were based on best

practice as discussed in section 2.2 and 2.3 of the literature review.
Rigid Inclusions:

Rigid inclusions are defined by geometrical parameters such as their diameter, centre-to-centre
spacing, grid pattern, length and extent. The RI diameter was selected as 750 mm which is a
conservative estimate of the maximum diameter (800 mm) for the VCC method (Menard 2015, pers.
comm., 31 March). The large diameter was chosen due to the nature of the load from the overlying
structure (large, inclined and eccentric) and the requirement of the Rls to ensure stability. The spacing
between inclusions was chosen to limit interference between fresh inclusions during installation. The
centre-to-centre spacing was selected as 2.5 m, arranged in a square grid pattern, which is close to the
minimum value (3 to 4 diameters) recommend by ASIRI (2012). The resulting area replacement ratio
is 7%, which falls within the typical range for VCCs in similar applications such as high earth
embankments (van Eekelen, Bezuijen & van Tol, 2013).

The length of the inclusions, and in particular the length of embedment into the bearing stratum, has a
significant effect on the behaviour of the inclusion under lateral load. According to Poulos & Davis
(1980), under lateral load the largest moment in the inclusion is generated when the soil strength is
fully mobilised in the unstable and stable zone. Therefore, in order to mobilise the largest moment the

RIs were embedded 5 m into the stable bearing layer.

Material properties for concrete are dependent on the concrete mix design and are categorised
according to strength class. Due to the large inclined and eccentric load a relatively high strength class
(C35/45) was selected for this study; the concrete is unreinforced. Table 3.4 details the material

properties.
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Table 3.4 — Material properties for concrete (Eurocode 2, part 1 (ENV 1992-1-1:1993))

Strength class fck fcm fcd fctm fctk 0.05 fctk 0.95 Ecm Ecd
(N/mm?)
C35/45 35 43 233 32 2.2 4.2 33500 | 22300

fek; em; ca = characteristic, mean, design compressive cylinder strength at 28 days; f,,, = mean value of the axial tensile
strength of concrete at 28 days; f.;x 005 = lower characteristic axial tensile strength (5%-fractile) of concrete at 28 days;
fetk 0.95 = upper characteristic axial tensile strength (95%-fractile) of concrete at 28 day; E,,. .4 = mean, design value of the

secant modulus of elasticity

Load transfer platform:

The geometric and material parameters of the LTP were selected to ensure maximum arching
efficiency and load transfer to the inclusion head. A 3 m LTP thickness was selected for this study;
this is greater than the calculated critical height of 1.2 m which ensures maximum arching efficiency
(BS 8006, 2010). A well graded gravel was chosen for the LTP due to its high shear strength
characteristics (Nicks & Adams, 2013). A friction angle of 42° was selected based on a compacted
relative density of 80% and considering large strain effects (Araei, Soroush & Rayhani, 2010; Nicks
& Adams, 2013). The compacted gravel has a saturated unit weight of 21 kN/m? and constrained
modulus of 100 MPa at a reference minor principal stress of 100 kPa (Araei, Soroush & Rayhani,
2010). A permeability of 7 X 10™>m/s was selected to be consistent with typical values for gravels,

which range from 10~'m/s to 10~°m/s (Carter & Bentley, 2016).
Basal Reinforcement in the LTP:

RockGrid® PC 200/200 was selected for reinforcement of the LTP due to its high strength and
modulus characteristics. Its material properties are presented Table 3.5 and deformation properties in

Table 6.10 in annexure B.1.
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Table 3.5 — Material properties for RockGrid® PC 200/200 composite geotextile (Kaytech, 2016)

Product: RockGrid® PC 200/200: High strength composite geotextile

For reinforcement, separation and filtration, in construction of earthworks,
Intended use . .
foundations and retaining structures.

Polyester, stable fibre 150g/m2 needle punched nonwoven / high strength polyester

Material
yarns.
. Machine direction (MD) 200 kN/m
Short term tensile - - - BS EN 13251
Cross machine direction (CMD) 200 kN/m
strength (Tyax) - EN1SO 10319
Elongation (€uax) 10 %
o BS EN 13251
Creep limited strength (120 years) 120 kN/m
EN I1SO 10319
Long term design strength at 120 years 105 kN/m EN ISO 10319
N R BS EN 13251
Water permeability Normal to plane 150 I/m<s
EN I1SO 11058

3.4.4 The effects of lateral ground movements

A preliminary analytical assessment was undertaken to determine the effects of lateral ground
movement due to backfilling behind the caisson (Figure 3.4b). Estimates of the magnitude of ground
movement, inclusion bending moment and inclusion head defection, were calculated using the
methods presented in Table 2.5 and Table 2.6 in section 2.2.8. The calculations are presented in

annexure A.2 and A.3.

The empirical method by Bourges & Mieussens (1979) indicated a maximum immediate undrained
horizontal ground movement at the caisson toe of 333 mm. The relatively large movement is due to
the low shear resistance of the clay under the imposed load (i.e. F; approaches 1). The empirical data
presented in Figure 6.1 in annexure A.2 suggests that the magnitude of lateral movement is
significantly reduced when the factor of safety on undrained strength is greater than 2.0. For an
embankment load corresponding to F = 2 (84 kPa) the horizontal ground movement reduced to 45

mm.

For a free head condition, the empirical design charts by Stewart et al. (1994) provided an estimate of
the maximum inclusion bending moment of 2104 kN.m. The corresponding maximum inclusion
head deflection was 291 mm. Similarly to Bourges & Mieussens (1979), the large moments and
deflections relate to post-threshold load levels, which correspond to low factors of safety on the
undrained shear strength of the clay subsoil. For a pre-threshold load level equal to three times the
undrained shear strength (99 kPa) the maximum estimated bending moment reduced to 406 kN.m

with a corresponding maximum head deflection of 32 mm.




Development of the Ground Improvement Strategy 114

These empirical estimations indicated that the foundation defection tolerances and limiting bending
moments were likely to be exceeded for the GI strategy presented in Figure 3.4b. It was concluded
from these results that there was likely to be a requirement to adopt strategies to limit or accommodate
lateral loading. The most suitable strategies are presented in the next section. There is considerable
uncertainty in the accuracy of these preliminary results as the behaviour of the ground and RIs may
follow different tends to those indicated by the authors for this structural application. In this regard a
more detailed assessment was required to confirm these findings. The basis for a finite element

analysis of the problem is presented in Chapter 4.
3.4.5 Strategies to limit lateral loading

The following sections describe the implementation of the various strategies for limiting lateral

loading recommended in section 2.3.6.
3.4.5.1 Construction methods to modify the backfill load

Densifying granular backfill is a well-established strategy for modifying the backfill load in marine
projects, and was therefore selected for this study (Hamidi et al., 2013). The vibro-compaction
technique was chosen as the most suitable technique due to its treatment depth in excess of 15 m. This
strategy only modifies the lateral component of the load acting on the back of the caisson. The aim of
this strategy was to reduce the outward shear stress applied to the subsoil along the base of the caisson
due to the lateral earth pressure on the back of the caisson. Rankine theory relates the lateral earth
pressure in the active condition to the effective angle of friction of the backfill; therefore this is a

controlling parameter in terms of the performance of this strategy.

Hydraulically placed backfill material is typically in a loose state prior to vibro-compaction, with a
relative density in the range 20% to 40% (van ‘t Hoff & van der Kolff, 2013). Brinkgreve, Engin &
Engin (2010) validated the material properties of clean quartz sand for a range of relative densities.
The following properties corresponding to loose sand (RD of 25%) were conservatively used in this
study: saturated unit weight of 19.4 kN /m3; effective friction angle of 31°; constrained modulus of
15 MPa. The sand has a permeability of 7 X 10™>m/s which was selected to be consistent with

typical values for clean sand, which range from 10~3m/s to 10~°m/s (Carter & Bentley, 2016).

Vibro-compaction is capable of densifying clean sands to relative densities in excess of 80% (Han,
2015). Properties corresponding to very dense sand (RD of 80% to 100%) were used in this study:
saturated unit weight of 20.5 kN /m3; effective friction angle of 40° which is within the typical range
(37° to 43°) for a relative density of 80% (Brinkgreve, Engin & Engin, 2010; Carter & Bentley,
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2016); constrained modulus of 100 MPa at a minor principal stress of 100 kPa. The sand has a
permeability of 7 X 10™>m/s which was selected to be consistent with typical values for clean sand,

which range from 1073m/s to 10~>m/s (Carter & Bentley, 2016).

Execution of ground improvement works is generally understood to be more economical overland.
The vibro-compacted properties were therefore implemented in the model once the backfill reached

an elevation of 2.65 m CD, allowing execution in the dry Figure 3.2d.

3.4.5.2 Construction methods to provide additional structural support

to the backfill

For the case of a piled bridge abutment Reid & Buchanan (1984) proposed supporting the backfill on
piles, in what is termed structural embankment support piling. For this study, RIs were used to support
the caisson backfill reducing the vertical load on the clay subsoil. Figure 3.4c shows overall system
comprising the in situ soil reinforced with Rls and the load transfer platform with basal reinforcement
extended behind the caisson. The reinforcement mechanics for both structural elements are discussed
in section 2.2.6 and are not covered in any detail here. The system geometry and material properties

are described in section 3.4.3.
3.4.53 Construction methods to improve the subsoil

Ground improvement methods can be used to increase the strength and stiffness of the subsoil prior to
or during construction. Controlling the rate of loading during the various construction stages was
selected as the most suitable non-intrusive method. A reduced rate of loading allows the clay sub-soil
to consolidate, strengthen and stiffen. However, a significant benefit of the rigid inclusion system is
the removal of any restriction on the rate of loading behind the caisson. Therefore the rate of loading
used in this study was selected as the typical duration for the various construction activities described
in section 3.2.2. Conservative estimates of time were calculated for the various stages after execution

of the ground improvement works; the basis for these calculations is presented in annexure B.2.

Of the various intrusive methods, reinforcement and excavation and replacement were considered the
most suitable techniques for improving the ground, while keeping the system economically
competitive. In order to improve the strength and stiffness of the clay subsoil the overall system was
extended ahead of the caisson toe (Figure 3.4c). Two of the main disadvantages of excavation and
replacement are the disposal of the excavated material and the cost of the replacement material. For

these reasons a maximum LTP thickness of 3 m was selected for this study.
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4.1.1.1 Geometric idealization and model geometry

Three-dimensional finite element analysis was chosen to accurately model the problem. The vertical
plane of symmetry perpendicular to the long axis of the quay wall means that only half a unit cell
(1.25 m) needed to be discretised into finite elements to fully represent the problem. This defined the
width of the 3D model in the out of plane direction (Figure 4.2b). The finite element model geometry

is presented in Figure 3.1.
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Figure 4.2 — 3D model width defined by half a unit cell (1.25 m)

4.1.1.2 Constitutive models for soils and structural elements

The various constitutive models used to describe the behaviour of clay, the LTP and the rigid
inclusion elements have been summarised in section 2.2.9. For this particular problem a second order
model such as a double hardening model was required to accurately describe the behaviour of the
clays and LTP. The Hardening Soil Model with Small Strain Stiffness (HS-Small) was selected to
model the in situ clays and sands, the LTP and the engineered fill. Additionally a constitutive model
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with material-specific failure criterion was required to model the rigid inclusions. In this regard, in
addition to modelling the RIs with a linear elastic model, an elastic plastic Mohr-Coulomb model was

used.
Hardening Soil model with Small Strain Stiffness (HS-Small):

In addition to general soil parameters defining the weight and flow properties of soil, the Hardening
Soil Model requires a total of 11 input parameters and a further two parameters for the small strain
overlay. The basic strength and stiffness parameters and advanced parameters for the HS-Small

Model are summarised in Table 4.1.

Table 4.1 — Input parameters for the HS-Small Model

Parameter Description

o' Internal friction angle

¢’ Cohesion

Ry Failure ratio

Y Dilatancy
E;gf Reference tangent stiffness from drained triaxial test
E;Z’g Reference tangent stiffness for oedometer primary loading
Eﬁﬁf Reference unloading / reloading modulus

m Exponential power

Vyr Unloading / reloading Poisson’s ratio
Pref Reference pressure (Minor principal stress)
Kg¢ Coefficient of earth pressure at resr (NC state)
G};f;fx Reference small strain shear modulus

Yo.7 Shear strain amplitude at 0.7 Gy, g
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HS-Small model parameters for soft to firm clay:

Table 4.2 provides the basis for the HS-Small model parameters selected for the soft to firm clay

subsoil. The values used in this study are presented in Table 6.5 in annexure B.1.

Table 4.2 — HS-Small model parameters for firm clay

Parameter Unit Comment
Vunsat kN/m3 Refer to section 3.3
Ysat kN /m3 Refer to section 3.3
€ime - Stiff clay = 0.6; soft clay = 1.9 (Terzaghi, Peck & Mesri, 1996)
k.y m/day Refer to section 3.3-
, @' = 29° (Surarak et al., 2012a)
Y S, 1s a model output; S, increases linearly with depth (30 kPa to 60 kPa)
c’' kPa ¢’ = 0 (Surarak et al., 2012a)
R - Failure ratios for various soils range from 0.75 to 1.0 (Lees, 2012)
Y ° -
ELS kPa EL ~ E'°Y (Benz, 2007)
E'¢) kPa E'¢) ~ M"®f Refer to section 3.3
Eref kPa Ey JEL ~ 3 (Benz, 2007)
m - Exponential power (m) is close to unity for clay (Benz, 2007)
Vyr - 0.2 for clays (Lees, 2012)
Pres kPa Minor reference principal stress
K¢ - K =1 —sin ¢'; Jaky’s equation (Lees, 2012)
POP kPa Pre-overburden pressure
Ggef kPa Soft to firm clays = 46000 kPa (Benz, 2007)
Yo.7 - Soft to firm clays = 0.00024 (Benz, 2007)
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Sands and gravels (HS-Small):

Table 4.3 provides the basis for the HS-Small model parameters selected for the granular materials.

The values used in this study are presented in Table 6.5 to Table 6.8 in annexure B.1.

Table 4.3 — HS-Small model parameters for sands and gravels

Parameter | Unit Comment
Yunsat kN /m?3 Refer to section 3.3 and section 3.4.5
Vsat kN /m3 Refer to section 3.3 and section 3.4.5
emin:maxiin - emin = 0.51; enq, = 0.85 (Terzaghi, Peck & Mesri, 1996)
ky .y m/day Refer to section 3.3 and section 3.4.5
o' ° Refer to section 3.3 and section 3.4.5
c’ kPa Refer to section 3.3 and section 3.4.5
R¢ - Failure ratios for various soils range from 0.75 to 1.0 (Lees, 2012)
P ° Y = @' — @,y (Bolton, 1986); ¢, = 30° (Brinkgreve, Engin & Engin, 2010).
ELS kPa EL ~ E'YY (Benz, 2007)
E¢) kPa El¢) ~ M"S Refer to section 3.3
ErS kPa ErT JELST ~ 3 (Benz, 2007)
m - Exponential power (m) is close to 0.5 for sand (Benz, 2007)
Vyr - 0.25 for loose sands and 0.2 for dense sands (Lees, 2012)
Pres kPa Minor reference principal stress
K¢ - K¢ =1 —sin¢'; Jaky’s equation (Lees, 2012)
POP kPa Pre-overburden pressure
Ggef kPa Correlated with RD (Brinkgreve, Engin & Engin, 2010)
Yo.7 - Correlated with RD (Brinkgreve, Engin & Engin, 2010)
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Rigid Inclusions (LE and MC):

The behaviour of the concrete Rls was described using two different constitutive models. A simple
linear elastic model was used to estimate the maximum structural forces in the Rls. In order to capture
accurately the behaviour of the RIs up to failure, a Mohr-Coulomb model was used in a subsequent
analysis. Concrete strength class C35/45 was used in this study. The mean design value of the secant

modulus of elasticity (Ecm; Cd) was used for both models.

A Mohr-Coulomb model with a tension cut-off was implemented. The tension cut-off was
conservatively set as the lower characteristic axial tensile strength, f.x ¢.05.- A friction angle of 35°
and cohesion of 585 kPa was derived according to (Dusko, 2009). The state, strength and deformation

properties are summarised in Table 6.2 and Table 6.3 in annexure B.1.
4.1.1.3 Modelling structures and interfaces

The rigid inclusions were modelled with volume elements (continuum elements) in order to accurately
capture the load transfer mechanisms at the head and along the shaft, as well as the structural
behaviour up to failure. A soft beam element was placed through the centre of the volume element to
facilitate the extraction of inclusion forces and moments. Figure 4.3 shows the 0.75 m diameter, 14 m
long volume elements. As discussed in Section 4.1.1.1 only half the RI is modelled due to the

symmetry conditions of the problem.

’l’lﬂ’

4l
il

Figure 4.3 — RIs modelled using 3D volume elements
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The interface behaviour was described by the Mohr-Coulomb model which is defined by five input
parameters, Ci,, @in, Win» Vin and E;,. The interface properties use the properties of the surrounding
soil, with the so-called interface strength reduction factor parameter R;,;.,. This accounts for the
reduced strength observed at the soil-structure boundary. For Rls installed by displacement methods,

Rinter Was selected as 0.9 and for all other interfaces R, ¢ is 0.67 (BS 8004, 2015).
4.1.1.4 Conditions at model boundary

The model boundaries were chosen so as not to have an effect on the model results. The standard
fixities applied at the model boundaries were zero displacement in all directions at the bottom
boundary and zero displacement on the vertical sides in the horizontal direction perpendicular to those
boundaries, including on axes of symmetry (Potts 2002). This implies that normal stresses were
allowed but no shear stresses. The top surface had no fixities. The depth of the bottom boundary
relative to the base of the inclusions was chosen so as not to influence the group effect of the
inclusions which results in settlements in the bearing stratum. The hydraulic boundary conditions at
all vertical model boundaries were set to zero dissipation of excess pore pressures. This is realistic as
the shortest flow path from the centre of the clay layer is vertical to the underlying or overlying

granular layers.
4.1.1.5 Initial conditions

The initial stress conditions were generated according to the K, procedure. This is acceptable due to

the horizontal soil layering and water levels.

For the firm clay subsoil condition the initial stress state was described using a pre-overburden
pressure (POP) which is an alternative way of describing the over-consolidation ratio. The pre-

overburden pressure is defined as (Brinkgreve, Kumarswamy & Swolfs, 2016):

POP = |0, — oy (“.1)

Where, 0, is the greatest effective vertical stress previously reached and g, is the in situ effective

vertical stress. A POP of 100 kPa was selected for the soft to firm clay which corresponds to a paleo

seabed 10 m higher than the current seabed (Figure 3.2a).
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4.1.1.6 Loading conditions

The load combinations used in this study are presented in Table 3.2 and are typical of a 30 m gauge
STS cane servicing Post Panama size vessels (ZAA, 2015). The transient load conditions were used

for stability analyses and deformation analyses.
4.1.1.7 Mesh

The basic soil elements of the 3D finite element mesh are 10-node tetrahedral elements. Sufficiently
small elements were required due to the large stress concentrations and zones of rapid stress
(including pore pressure) and strain change. Additionally, in order to accurately predict the collapse
load a sufficiently fine mesh was required. Meshing analyses were carried out to determine the
appropriate mesh coarseness. The resulting model consisted of approximately 300000 elements with
an average element size of approximately 0.3 m. The global mesh density and local refinement near
the inclusions are shown in Figure 4.2b and Figure 4.4. The influence of geometry changes in the
mesh due to large deformations were accounted for using an Updated Lagrangian formulation
approach (Updated mesh). This also accounted for the change in stiffness in the GR during

deformation.

Figure 4.4 — Global mesh density; average element length approximately 0.3 m
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4.1.1.8 Simulating the construction process and operational conditions

The finite element calculation was divided into several sequential calculation phases. The calculation
phases correspond to particular construction or loading stages (Figure 3.2). Conservative estimates of
time were calculated for the various stages after caisson placement; the basis for these calculations is
presented in annexure B.2. Details of the model phases are presented in Table 4.4 and are discussed in

more detail in annexure B.2.

Table 4.4 — Model calculation phases

Stage Phase description Construction
duration
1 Phase 0: Initial conditions -
2 Phase 1: Dredge to foundation trench elevation -
3 Phase 2: Installation of rigid inclusions system -
4 Phase 3 to 5: Caisson placement and filling with sand 40 days
Phase 6 to 13: Hydraulically place sand behind caisson 80 days
5 Phase 14: Tidal lag -
Phase 15: Vibro-compact backfill 60 days
Phase 16: Construct capping beam, service tunnel and quay furniture etc 50 days
6 Phase 17: Construct piled rear crane beam and concrete pavement 120 days
Phase 18 to 19: Unload tidal lag and plastic nil step -
Phase 20to 26: Activate operational transient loads including crane load, bollard load, -
7 surcharge load, tidal lag
Phase 27 to 28: Dissipation of excess pore water pressure 100 % consolidation
4.1.1.9 Modelling undrained and time dependent behaviour

The clay subsoil has a low permeability which means during loading very little water movement takes
place, resulting in the build-up of excess pore pressures. This behaviour was modelled using an
undrained effective stress analysis, the so called “Method A”. The development and dissipation of
excess pore pressure with time and the effects of consolidation were simulated using a consolidation

analysis.
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Undrained Method A:

A bulk modulus for water is added to the stiffness of the soil. Excess pore water pressure is generated
due to the small volumetric strain occurring during plastic calculations and the low compressibility of
the pore water. Estimations of excess pore pressure are reasonable when an advanced constitutive
model such as the HS-Small model is used in conjunction with this method. Effective stiffness and

strength parameters are model inputs. Undrained shear strength is an output of the constitutive model.
Consolidation analysis:

Consolidation analyses were performed using “Method A” which allows for the strength to be
updated automatically due to the effects of consolidation. The dissipation of pore pressure depends on

the soils permeability and the hydraulic boundary conditions.
4.1.1.10 Stability analysis by strength reduction

Global stability was assessed using the “shear strength reduction technique” which has been validated
by various authors (Brinkgreve & Bakker, 1991; Dawson, Roth & Drescher, 1999; Griffiths & Lane,
2001; Tschuchnigg et al., 2015). The resulting factor of safety is the ratio of the soil’s actual shear
strength to that of the reduced strength at failure (Dawson, Roth & Drescher, 1999). This technique
has the significant advantage over other methods of stability analysis because the critical failure

surface is found automatically.

In the shear strength reduction technique the strength parameters tan ¢’ and ¢’ of the soil are
successively reduced until failure occurs. The strength of the interfaces is reduced in the same way.
The HS-Small Model behaves as a standard Mohr-Coulomb model during this type of stability

analysis, since stress-dependant stiffness behaviour and hardening effects are excluded.

4.1.2 Validation of the numerical model

4.1.2.1 Validation of soil parameters

In order to determine whether the constitutive models and their parameters accurately describe real
soil behaviour, appropriate validation was required. One method of validation is to use the FE method
to simulate common laboratory tests. The constitutive model and model parameters can be checked to

ensure that the simulated soil behaviour is representative of measured laboratory test data.

Surarak et al. (2012) analysed a comprehensive set of experimental data on Bangkok clays in order to

determine the stiffness and strength parameters for the Hardening Soil Model. Parameters for soft and
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stiff Bangkok clays were numerically validated by simulating drained and undrained triaxial tests and

calibrating the models using laboratory triaxial data (CIDC & CIUC).

These validated HSM parameters for Bangkok soft and stiff clays were evaluated in this study. The
HSM model was updated to an HS-Small model by deriving two additional parameters for the small
strain overlay. This updated model was validated by simulating undrained traixal tests and comparing
the results with the laboratory data published by Surarak et al. (2012). A hypothetical firm clay
dataset was derived which is the average of the strength and stiffness parameters derived for the soft

and stiff clays. The validation results are presented in annexure B.3.1.

4.1.2.2 Validation of initial conditions

Initial state parameters such as the in situ stress ratio (K, ) and pre-overburden stress (POP), were
used to setup the initial stress state, stress history and undrained shear strength profile. Model outputs
in the initial conditions phase, such as the stress ratio (K;) and undrained shear strength profile, were
checked to ensure that they were appropriate for a lightly overconsolidated soft to firm clay i.e. OCR
< 3.0 and undrained shear strength profile in the range of 20 kPa to 70 kPa. The validation results are

presented in annexure B.3.2.

4.1.2.3 Validation of mesh

Mesh tests were carried out to ensure the coarseness of the mesh did not affect the accuracy of the
model results. In addition to the accuracy of the mesh, the element quality was checked. Element
quality is defined as the radius of the maximum inner circle of the soil element divided by the radius
of the maximum outer circle, where an ideal tetrahedral element is normalised at 1.0. The minimum

element quality was set as 0.1.

4.1.2.4 Validation of load transfer mechanisms

The global load deflection behaviour of an inclusion under the centre of the caisson was evaluated
using the analytical models presented section 2.2.8, as implemented in the commercially available
software FOXTA V3. Only vertical loading during caisson placement and filling was considered. The
analytical model results were compared with numerical simulation results. The validation results are

presented in annexure B.3.3.
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4.1.3 Reference Models

The modelling approach for this study corresponded with the three phases in the development of the

ground improvement strategy, as illustrated in Figure 3.4.
4.1.3.1 Reference case without ground reinforcement

This model (FE Model 1) established three important foundation performance criteria without ground

reinforcement (Figure 3.4a):

— The mode of failure and the collapse load.
—  Whether the inclusions were required for stability or purely as settlement reducing elements.

— The virgin settlement and lateral deflection without reinforcement.

The terminology used by ASIRI (2012) was adopted for this study: The foundation was classified as
either “Domain 1” where the inclusions are required for stability, or “Domain 2” where the inclusions

are used to reduce settlements and not required for stability.

The magnitude of virgin settlement and lateral deflection were used to quantify the settlement and

lateral deflection efficiency of the ground improvement strategy (section 2.2.4).
4.1.3.2 Caisson supported by RI ground reinforcement

An analytical assessment of this case (Figure 3.4b) is presented in section 3.4. The calculations
predicted excessive lateral ground movement and high inclusion bending moments. This behaviour
was confirmed with this model (FE Model 2) and the requirement for strategies to limit lateral loading

were justified.
4.1.3.3 Implementation of strategies for limiting lateral loading

In the final model (FE model 3), the various strategies to limit lateral loading were implemented in
combination (Figure 3.4c). There were two iterations of this model which used different constitutive
models for the Rls. A linear elastic material model was used in the first iteration (FE model 3-1). This
allowed the maximum RI forces and moments to be generated. The second iteration (FE model 3-2)
evaluated the mode of failure using an RI constitutive model with material specific failure criterion.
This model captured the progressive failure of the RIs and the associated deformation. Both models
were used to evaluate the performance of the proposed GI scheme in accordance with the performance

requirements described in the following section.
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4.2 Performance Requirements

4.2.1 Performance requirements in terms of stability

In terms of stability, it was verified that the foundation and structural elements did not fail;
importantly the RIs are considered as structural elements and not purely settlement reducing elements.
An external geotechnical stability check was carried out to verify that there was sufficient resistance
to failure or excessive deformation of the ground. This is relevant to the proposed ground
improvement strategy where the strength of the ground is significant in providing resistance. External
stability was assessed using the “shear strength reduction technique”. According to ASIRI (2012) for
this structural application, a factor of safety of 1.25 is required on strength parameters tan ¢’ and c’;
a factor of 1.5 is applied to the unfavourable variable external actions (Table 3.2). The critical mode
of failure was determined automatically. The model output at a factor of safety of 1.25 was used to

verify the internal structural integrity of the Rls.

Internal structural integrity of the RIs was assessed according to the following recommendations from

the ASIRI (2012) guidelines:

“Where inclusions are required to guarantee stability (Domain 1), the inclusions must be
reinforced over the length where they are not fully compressed”.
— “Where inclusions are not required to guarantee stability (Domain 2), it is proposed not to

reinforce the inclusions, provided the maximum tensile force in the concrete can be justified”.

4.2.2 Performance requirements in terms of crane rail deflection

tolerances

In terms of deflections it was verified that the foundation and superstructure deform within accepted
limits. The critical settlement and deflection criteria for a container terminal structure relate to the
STS crane rail tolerances. Table 4.5 details the various tolerance checks that were carried out in this
study. A vertical and horizontal differential deflection limit of 30 mm was adopted for this study

which is in line with industry practice (Leung & Shen, 2008).
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Table 4.5 — STS crane rail tolerances for 30.480 m gauge

Tolerance Check Description of tolerance check Type

1 — Track gauge or span The actual value of the span may not vary by more than + 30 mm. Horizontal

2 — Crane rail alignment The overall alignment must not differ by more than = 30 mm from the true | Horizontal
length of rail.

3 — Crane rail level The crane rail level (allowable undulation) must not vary by more than + 30 | Vertical
mm over the total length of rail.

4 — Relative crane rail heights The deviation from specified heights between seaside and landside rails | Vertical

must not exceed + 30.
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Chapter 5  Results

5.1 Numerical Modelling Results

The following sections present the numerical modelling results. The validation results are presented in

annexure B.3.
5.1.1 FE Model 1: Reference case without ground reinforcement

The reference case of a caisson founded on firm clay without ground reinforcement is illustrated in
Figure 3.4a. The load-deflection behaviour of the caisson during placement and filling is shown in
Figure 5.1 and Figure 5.2. As the pressure under the base increased, there was a corresponding linear
increase in caisson settlement. With increasing pressure, the ultimate bearing capacity q,, was reached
at approximately 146 kPa. This resulted in a sudden increase in settlement immediately after
reaching q,,, indicating collapse. Total deformations of up to 960 mm were observed at failure. The
load-deflection curve is characteristic of both general shear failure and local shear failure with a well-
defined yield point, yet no distinctive peak in the load displacement curve. This is most likely due to
the two layered profile, with a strong granular trench overlying a weak cohesive layer. Figure 5.3 and
Figure 5.4 show the failure surface extending to the ground surface and Figure 5.1 highlights the
heave at ground level on either side of the caisson. Both of these features are characteristic of general

shear failure.
The following was concluded from the results of FE Model 1:

— The caisson fails by general shear at an ultimate bearing pressure of approximately146 kPa.
— The RIs are required to ensure stability and the problem was classified as “Domain 17
according to ASIRI (2012).

—  The virgin settlement without ground reinforcement is in excess of 600 mm.
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Figure 5.1 — FE model 1 deformed mesh showing general shear failure; scaled up 5 times (St;max =960 mm)
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Figure 5.3 — Contours of shear strain highlighting the failure surface (€4, = 217%)
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5.1.2 FE Model 2: Caisson supported on RI ground reinforcement

51.2.1 Behaviour of the caisson

In FE Model 2 the firm clay was reinforced with Rls beneath the footprint of the caisson. Figure 3.4b
and Figure 5.6 illustrate the problem. The model results presented in Figure 5.5 show that the Rls
reduced the settlement of the caisson by 95% when compared to FE model 1 during caisson
placement and filling. The high settlement efficiency was largely due to the Rls ensuring stability
under vertical loading. At this construction phase the caisson had settled 36 mm. However, Figure 5.5
shows that during backfilling the caisson settled an additional 10 mm to 46 mm and deflected laterally

213 mm.
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Figure 5.5 — FE Model 2 prediction of caisson displacement during construction and operational conditions
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5.1.2.2 Behaviour of the rigid inclusions

The magnitude and distribution of loads, moment and deflection in individual inclusions within the
group supporting the caisson are presented in Figure 5.8 and Table 5.2. The free-field lateral soil

movement profile is presented in Figure 5.7.

The lateral soil movement profile behind and beneath the caisson is characterised by a triangular
distribution with relatively small movements at or near the base of the clay layer and the maximum
movement at the top of the layer. Figure 5.7 shows that the lateral deflection of the relatively flexible
RIs was dependent on the soil movement profile, particularly at the head where the maximum
movement occurred. The following observations were made from Figure 5.8: (i) the maximum shear
forces in the RIs developed at the inclusion head and at the base of the zone of moving soil (at or near
base of clay layer); (ii) the maximum moment occurred above the stable layer in the moving soil (iii)
the lateral RI defection at all RI positions was approximately 213 mm The predicted maximum
compressive stress in the Rls ranged from 25100 to 32670 kPa and maximum tensile stress from

18840 to 29860 kPa.

The analytical calculations presented in annexure A.2 and A.3 predicted lateral RI deflections of 291
mm and 333 mm and a maximum bending moment of 2104 kN.m. These results are in fair agreement

with the FE model results considering the complexity of the problem.

Table 5.1 — Table of forces for RIs after backfilling to + 2.65 m CD

Rls supporting the caisson

RI reference g h i j k | m n o
Dist. from center of caisson -10 -7.5 -5 -2.5 0 2.5 5 7.5 10
Loc. of max. bending moment -28.2 -28.2 -28.2 -28.2 -28.5 -28.5 -28.5 -28.9 -28.9
Max. bending moment 1304 1172 1076 1004 917 917 903 916 997
Axial force at Mmax 457 -1235 1151 1190 1284 1284 1288 1156 1073
Max compressive stress -32670 -31180 -29090 -27490 26410 -25440 -25100 -25240 -26620
Max tension 29860 25520 23000 21240 19900 19170 18840 19140 21130
Loc of max shear force -29.6 -19.5 -19.5 -19.5 =185 =185 -19.5 =185 -19.5
Maximum shear force -398 -736 -781 -798 -841 -825 -854 -908 -688
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Figure 5.6 — FE Model 2 deformed mesh after backfilling; scaled up 5 times (6t;max =481 mm)
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5.1.2.3 Conclusions

The following was concluded from the results of FE Model 2:

— The RI ground reinforcement reduced the settlement of the caisson by =~ 95% when compared
to FE Model 1.

— The embankment type loading due to backfilling behind the caisson resulted in large free-
field lateral ground movements.

— The relatively flexible RIs deform laterally with the moving soil, resulting in the development
of additional bending moments and high compressive and tensile stresses.

— There is fair agreement between analytical and FE estimations of the magnitude of free-field
lateral ground movement and associated RI bending moments.

— FE model 2 confirms the requirement for strategies to limit lateral loading and the effects of

lateral loading.
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5.1.3 FE Model 3: Implementation of strategies for limiting lateral loading

5.1.3.1 Behaviour of the caisson

The various strategies for limiting lateral loading described in section 3.4.5 were implanted in FE
Model 3. Figure 3.1 illustrates the problem and Figure 5.9 shows the numerical model deformed mesh

for the operational load case.
Lateral deflection efficiency of strategies to limit loading:

The effect of the strategies to limit lateral loading was to reduce the lateral deflection of the caisson
by ~ 88% when compared to FE model 2 after backfilling to 2.65 m CD (Figure 5.10). At this
construction phase the caisson had deflected laterally towards the basin ~ 30 mm and settled = 46

mm.
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Figure 5.9 — FE Model 3 deformed mesh for operational loading phase ; scaled up 5 times ((St;max = 298 mm)
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Behaviour of the caisson during construction:

During construction the caisson settled and deflected laterally with a slight backward rotation (Figure
5.11). At the end of construction the caisson had deflected laterally 19 mm to 35 mm along its front
wall and settled 44 mm to 60 mm across its base. The average pressure across the base was 270 kPa at
the toe which increased to 310 kPa at the heel (Figure 2.15). Stress concentrations in the LTP at the
location of each inclusion resulted in peaks in stress across the base (Figure 5.13). The lateral earth
pressure profile was generally defined by K, conditions to near K, conditions at depth in the confined

wedge near the heel of the caisson.
Behaviour of the caisson during operational conditions into the long term:

During transient operational loading the caisson deflected laterally and rotated forward as the pressure
distribution changed to a maximum average pressure of 343 kPa at the toe to 323 kPa at the heel. The
lateral earth pressure profile has been described above; however, during unloading in the operational
phase, the caisson rebounded and deflected backwards. The resulting increase in lateral earth pressure

near the top of the caisson exceeded the K, condition. During operational loading the caisson
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deflected laterally an additional 22 mm to 31 mm along its front wall and settled an additional 2 mm
to 11 mm across its base (Figure 5.11 and Figure 5.12). During consolidation, as the excess pore
pressure in the clay dissipated to the long-term drained conditions (Figure 5.15), the caisson deflected

less than 2 mm vertically and laterally.
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Figure 5.11 — FE Model 3 prediction of caisson displacement during construction and operational conditions
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Figure 5.12 — FE Model 3 total displacements for the transient operational phase (é};max =411 mm)
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5.1.3.2 Behaviour of the rigid inclusions

The load-deflection behaviour of the RIs ahead of the caisson (“a” to “f”), supporting the caisson (“g”
to “0”) and supporting the backfill (“p” to “z”), are presented separately in this section. The results are

taken from the transient operational load case.
Boundary conditions and relative pile-soil flexibility:

The results presented below show that RIs were subjected to the combined effects of vertical and
horizontal loading and lateral ground movements. The RIs have a free-head condition whereas the toe
is effectively pinned due to the restraint offered by the stable bearing layer. The loading can be

generalised as follows:

— Vertical load acting on the inclusion head,

— Drag load due to negative skin friction caused by free-field vertical soil movements,

— Shaft resistance due to positive shaft friction in the vertical direction,

— Bearing resistance at the base.

— Horizontal load due to shear on the inclusion head,

— Horizontal load due to free-field horizontal ground movements (lateral-load analogue of
negative skin friction),

— Shaft resistance due to positive shaft friction in the horizontal direction,

— Shear resistance at the base.

Behaviour of RIs “a” to “'f” ahead of the caisson:

The magnitude and distribution of loads, moment and deflection in individual inclusions within a
group ahead of the caisson are presented in Figure 5.16 and Table 5.2. The free-field lateral soil

movement profile is presented in Figure 5.17.

The lateral soil movement profile ahead of the caisson is characterised by a triangular distribution,
with relatively small movements at or near the base of the clay layer and the maximum movement at
the top of the layer. The greatest magnitude of lateral soil movement occurred at position “f” and
decreased away from the caisson toe. The greatest depth of soil movement occurred at position “f”
and decreased by approximately 3 meters to position “a”. The soil movement distribution is similar to
“case 2” described by Poulos & Davis (1980) which produced the lowest moment and largest lateral

deflections of the three cases considered (Figure 2.34). Figure 5.17 shows that the lateral deflection of
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the relatively flexible RIs was dependent on the soil movement profile, particularly at the head where
the maximum movement occurred. The following observations were be made from Figure 5.16: (i)
the maximum shear forces in the Rls developed at the inclusion head and at the base of the zone of
moving soil (at or near base of clay layer); (ii) the maximum moment occurred above the stable layer
in the moving soil; (iii) RIs ahead of the caisson were characterised by low axial loads; the maximum
axial load occurred at position “f” at the base of the clay layer due to the drag load caused by negative
skin friction; (iv) the lateral RI defection at the head ranged from 40 mm at “a” to 58 mm at “f”. The
RI settlement ranged from 2 mm at “a” to 14 mm at “f”. The predicted compressive stress in the Rls
ranged from 6847 kPa to 9938 kPa and tensile stress from 6847 kPa to 8072 kPa. Tensile loads in the

geotextile were less the 1 kN/m.

Table 5.2 — FE Model 3 table of forces for RIs and geogrid ahead of the caisson toe

RIs in the passive zone ahead of the caisson toe

Rl reference a b c d e f
Distance from the center of the caisson -25 -22.5 -20 -17.5 -15 -12.5
Max tensile force in geogrid (kN/m) <1 <1 <1 <1 <1 <1
Location of maximum bending moment -24.3 -25.2 -26.1 -27.2 -28.1 -28.1
Maximum bending moment, Mmax 339 312 296 298 321 353
Axial force at Mmax 83 96 111 159 295 552
Maximum compressive stress -8491 -7806 -7461 -7635 -8412 -9938
Maximum tension 8072 7329 6905 6847 7010 7157
Location of maximum shear force -19.9 -20.1 -29.0 -29.6 -19.5 -19.5
Maximum shear force (kN) 119 96 -86 -87 -122 -267
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3

Behaviour of RIs “g” to “0” supporting the caisson:

The magnitude and distribution of loads, moment and deflection in individual inclusions within a
group supporting the caisson are presented in Figure 5.18 and Table 5.3. The free-field lateral soil

movement profile is presented in Figure 5.17.

The lateral soil movement profile beneath the caisson is characterised by a triangular distribution with
relatively small movements at or near the base of the clay layer and maximum movement at the top of
the layer. The greatest magnitude of lateral soil movement occurred at position “g” and decreased
towards the caisson heel. The depth of soil movement was fairly uniform beneath the caisson. Figure
5.17 shows that the lateral deflection of the relatively flexible RIs was dependent on the soil
movement profile, particularly at the head where the maximum movement occurred. The following
observations were made from Figure 5.16: (i) the maximum shear forces in the Rls developed at the
inclusion head and at the base of the zone of moving soil (at or near base of clay layer); (ii) the
maximum moment occurred in the moving soil at the boundary between the clay and the stable
bearing layer; (iii) RIs beneath the caisson developed significant axial load due to arching in the LTP
above the head and negative skin fraction along the shaft; the maximum axial load occurred at
position “h” and decreased slightly to position “n” in line with the distribution across the base;
inclusions “g” and “o0” attracted significantly lower axial load due to the local stress conditions at the
edges of the caisson; (iv) the lateral RI defection at the head ranged from 40 mm at “a” to 58 mm at
“f”. The RI settlement ranged from 31 mm at “0” and “g” to 40 mm at “h”. The predicted compressive
stress in the RIs ranged from 8193 kPa to 12370 kPa and tensile stress from 1054 kPa to 5340 kPa.
The mobilised tension in the geotextile ranged from 9 kN/m to 29 kN/m.

Table 5.3 — FE Model 3 table of forces for RIs and geogrid supporting the caisson

Rls supporting the caisson

RI reference g h i j k I m n o
Dist. from center of caisson -10 -7.5 -5 -2.5 0 2.5 5 7.5 10
Max tensile force in geogrid (kN/m) 29.18 11.73 8.42 12.37 8.68 8.72 9.05 14.14 18.58
Loc. of max. bending moment -28.2 -28.2 -27.4 -26.7 -26.4 -26.0 -27.1 -28.2 -28.2
Max. bending moment 357 327 287 267 250 235 221 212 207
Axial force at Mmax 1362 1835 1755 1783 1769 1809 1773 1583 1309
Max compressive stress -12070 -12370 -11390 -10840 -10380 -10120 -9714 -9171 -8193
Max tension 5340 3414 2541 2144 1748 1314 1054 1133 1785
Loc of max shear force -19.5 -19.5 -19.5 =185 -19.5 -19.5 -20.9 -29.6 -29.4
Maximum shear force -147 -227 -192 -182 -135 -101 75 -64 -70
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Behaviour of RIs “p” to “z” supporting the backfill:

The magnitude and distribution of loads, moment and deflection in individual inclusions within a
group supporting the backfill are presented in Figure 5.19 and Table 5.4. The free-field lateral soil

movement profile is presented in Figure 5.17.

The lateral soil movement profile near the caisson heel is characterised by a triangular distribution
with relatively small movements at or near the base of the clay layer and maximum movement at the
top of the layer. The greatest magnitude of lateral soil movement occurred at position “p” and
decreased away from the caisson. The depth of soil movement decreased gradually away from the
caisson. Figure 5.17 shows that the lateral deflection of the relatively flexible RIs was dependent on
the soil movement profile, particularly at the head where the maximum movement occurs. The
following observations were made from Figure 5.16: (i) the maximum shear forces in the Rls
developed at the inclusion head and at the base of the zone of moving soil; (ii) the maximum moment
occurred above the stable layer in the moving soil; (iii) RIs supporting the backfill developed
significant axial load due to arching in the LTP above the head and negative skin fraction along the
shaft; the axial load was fairly uniform in RlIs “q” to “z”; inclusions “p” attracted significantly lower

b

axial load due to the local stress conditions at the caisson heel; (iv) the lateral RI defection at the head

(1=}

ranged from 3 mm at “z” to 42 mm at “p”. The RI settlement ranged from 28 mm at “p” to 34 mm at
“q” to “z”. The predicted compressive stress in the Rls ranged from 5022 kPa to 7745 kPa and tensile
stress from 1544 kPa to 0 kPa. It is important to note that RIs “s” to “z” were fully compressed over

their entire section. The mobilised tension in the geotextile ranged from 6 kN/m to 28 kN/m.

Table 5.4 — FE Model 3 table of forces for RIs supporting the backfill

Rls supporting the backfill
RI reference p q r S t u v w X Yy z
Dist. from centre of caisson 12.5 15 17.5 20 22.5 25 27.5 30 32.5 35 37.5
Max tension in geogrid (kN/m) 17.65 | 27.07 | 24.59 | 17.09 | 14.41 | 28.33 | 20.07 13.6 9.31 5.92 6.08
Loc. of max. bending moment -28.2 -28.2 -27.4 -26.3 -24.9 -24.2 -22.7 -21.2 -22.2 -22.7 -22.5
Max. bending moment 191 162 135 120 101 96 41 14 15 20 15
Axial force at Mmax 1240 1450 1477 1495 1615 1495 1511 1485 1508 1555 1488
Max compressive stress -7689 -7461 -6994 -7099 -6526 -6128 -7745 -6550 -5022 -5510 -6086
Max tension 1544 362 395 -721 -1049 -996 -1184 -1041 -740 -1101 -1068
Loc of max shear force -29.1 -31.0 -31.0 -21.6 -20.9 -21.6 -20.1 -20.3 -20.1 -20.3 -20.1
Maximum shear force -57 -42 -35 27 31 27 18 13 10 10 9
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Figure 5.19 — FE Model 3 force diagrams for Rls supporting the backfill under operational load conditions
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5.1.3.3 Mode of failure

The mode of failure was evaluated by carrying out stability analyses using the “shear strength
reduction technique”. The mode of failure in FE-Model 3-2 was evaluated using a Mohr-Coulomb

model to model the RIs. The stability analyses were carried out for the transient operational load case.

Figure 5.20 shows the critical slip surface which passed through the Rls daylighting approximately 25
m ahead of the caisson toe. Although there was no continuous shear-strain plane in the vicinity of the
inclusions, the shape of the failure surface appeared to approximate a circular slip. This agrees with
the theoretical consideration of failure by Kivelo (1998) and Broms (1999). Figure 5.22 shows the
lateral deflection profile of the RlIs, highlighting the upper “unstable” and lower “stable volume of
soil. The failure surface defined by the shear strain contours in Figure 5.20 was reproduced in Figure
5.22 at each RI position. The failure of the RIs was due to the development of bending tensile stresses
in excess of the tension cut-off specified in the MC model, resulting in the development of a plastic
hinge. It is evident that the specific failure mode of each inclusion was dependent on its location

relative to the slip surface.

Figure 5.21 shows the conceptual failure mode based on the results presented in Figure 5.20 and

Figure 5.22. The following modes of failure occurred:

LIkl (Y34 e

— RIs “a” to “g” and “n” to “r” developed one plastic hinge at the location of the maximum
bending moment in the column (Mode 3b in Figure 2.39).

— RIs “h” to “m” developed two plastic hinges at the location of the maximum bending
moments in the columns (Mode 3c. 3d, 3e in Figure 2.39).

— RI“s” to “z” had a shallow zone of unstable soil near the surface and the moment capacity of

the column was sufficient in this case to resist the lateral earth pressure.
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Figure 5.20 — Shear strain contours at failure (&,,4, = 5.14%)

Slip surface
|

Plastic hinge ‘,‘
T

Figure 5.21 — Conceptual failure mode
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5.1.34 Conclusions

The following was concluded from the results of FE model 3:

The effect of the strategies to limit lateral loading was to reduce the lateral deflection of the
caisson by =~ 88% when compared to FE model 2.

During transient operational loading the caisson deflected laterally 22 mm to 31 mm along its
front wall and settled 2 mm to 10 mm across its base.

There was sufficient time during construction to dissipate the majority of the excess pore
pressure generated in the clay subsoil with the result being negligible long-term deformation.
Lateral deflections of RIs “a” to “r” resulted in the development of bending tensile stresses.
RIs “s” to “z” remained in compression over their entire section.

RIs “g” and “0” at the edge of the structure attracted significantly less axial load resulting in
higher moments and bending tensile stresses.

At failure the critical slip surface approximated a circular slip and passed through the Rls
daylighting approximately 25 meters ahead of the caisson toe.

The specific failure mode of each inclusion was dependent on its location relative to the slip
surface.

The failure of the RIs was due to the development of bending tensile stresses in excess of

tension cut-off specified in the MC model, resulting in the development of a plastic hinge.
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5.2 Technical Appraisal of FE Model 3 Results

5.2.1 Performance in terms of stability

Geotechnical stability:

Geotechnical stability was evaluated using FE Model 3-2 according to the methodology described in
section 4.2.1. The performance requirement was a factor of safety of 1.25 which is the ratio of the
soil’s actual shear strength to that of the reduced strength at failure. Figure 5.23 shows that the
required FOS of 1.25 is achieved.

1.4

r < Mohr-Coulmb RIs with material specific 1
failure criteria

Factor of safety (Phi/c reduction)

11 - -

10 1 1 | 1 1 | 1 1 | 1 1 | 1 1 | 1
0.0 0.1 0.2 0.3 0.4 0.5

Caisson displacement (mm)

Figure 5.23 — FE Model 3-2 estimation of FOS against failure
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Structural integrity of the Rls:

The structural integrity of the RIs was evaluated using FE Model 3-1 according to the methodology
described in section 4.2.1. The behaviour of the RIs was evaluated at the ultimate limit state with
partial factors on unfavourable actions and material strengths. It was established that the Rls are
required to ensure stability. In this case the RIs were required to be reinforced over the length where
they were not fully compressed (ASIRI, 2012). Table 5.5 to Table 5.7 present the structural forces,

moments and stresses at the ultimate limit state.

The following was concluded regarding the structural integrity of the Rls:

[Pt (4

— Lateral deflection of RIs “a” to “u” resulted in the development of bending tensile stresses.
The RIs were required to guarantee stability (Domain 1), and therefore they are required to be
reinforced over the length where they were fully compressed (ASIRI, 2012).

— RlIs “v” to “z” remained in compression over their entire section. Therefore these RIs do not
require reinforcement.

— The mobilised tensile force in the basal reinforcement was less than its long term design

strength.
Changing the RI layout at edge of structure:

It is proposed that RIs “g” and “o0” are repositioned further beneath the caisson toe which will result in
the attraction of significantly greater axial load, increasing moment capacity and lowering the bending

tensile stresses.
An alternative to conventional RI reinforcement suited to marine execution:

Steel fibre reinforced concrete (SFRC) is suggested as an alternative approach to conventional
reinforcing. The conventional approach is to drive a reinforcing cage into the boring filled up with
fresh concrete. The main problem with this approach is the difficult and time consuming execution of
this operation in the marine environment. Cementitious matrices such as plain concrete have low
tensile strength and fail in a brittle manner. Adding short needle-like fibres to such matrices enhances
their mechanical properties, particularly their toughness, ductility and energy absorbing capacity
under load (ACI, 2002). The addition of steel fibres to the concrete provides the concrete with post-
cracking capacity which enables the structural member to develop a post-cracking flexural capacity
without brittle failure (ACI, 2002). In terms of constructability Falkner & Henke, (1998) describe the

application of SFRC for an underwater concrete slab in Berlin. This case study demonstrates the
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handling of SFRC in difficult conditions such as placement underwater and pumping over large

distances.

Table 5.5 — Table of forces for Rls ahead of the caisson toe at the ultimate limit state

RIs in the passive zone ahead of the caisson toe
Rl reference a b c d e f
Distance from the center of the caisson -25 -22.5 -20 -17.5 -15 -12.5
Max tensile force in geogrid (kN/m) <1 <1 <1 <1 <1 <1
Location of maximum bending moment -24.9 -25.9 -27.0 -28.1 -28.1 -28.1
Maximum bending moment, Mmax 366 354 355 411 411 453
Axial force at Mmax 51 66 95 149 223 429
Maximum compressive stress -9031 -8772 -8861 -9457 -10420 -12010
Maximum tension 8788 8430 8379 8751 9323 9838
Location of maximum shear force -20.1 -20.1 -29.6 -29.6 -29.6 -19.5
Maximum shear force 116 97 -106 -112 -118 -139
Table 5.6 — Table of forces for RIs supporting the caisson at the ultimate limit state
Rls supporting the caisson

RI reference g h i j k I m n o
Dist. from center of caisson -10 -7.5 -5 -2.5 0 2.5 5 7.5 10
Max tensile force in geogrid (kN/m) 41.41 16.17 10.25 16.92 9.22 10.90 12.45 20.34 18.33
Loc. of max. bending moment -28.1 -28.1 -27.4 -26.5 -25.9 -25.9 -25.8 -25.9 -27.4
Max. bending moment 464 443 409 393 379 368 352 327 207
Axial force at Mmax 1322 2074 1936 1913 1831 1789 1651 1356 1063
Max compressive stress -14420 | -15720 | -14830 | -14210 | -13660 -13290 | -12580 | -11390 | -9942
Max tension 7953 5576 5051 4880 4727 4556 4517 4503 4752
Loc of max shear force -20.5 -19.5 -19.5 =185 -19.5 -20.8 -20.8 -21.2 -29.6
Maximum shear force 124 -228 -196 -194 -142 110 104 89 -89

Table 5.7 — Table of forces for Rls supporting the backfill at the ultimate limit state

Rls supporting the backfill

Rl reference p q r s t u \ w X y z
Dist. from center of caisson 12.5 15 17.5 20 22.5 25 27.5 30 32.5 35 37.5
Max tensile force in geogrid (kN/m) | 23.10 | 33.20 | 34.37 | 19.03 | 19.40 | 46.29 | 29.51 | 26.60 | 11.30 | 12.52 6.12
Loc. of max. bending moment -27.4 -27.4 -27.0 -26.3 -25.8 -24.9 -23.8 -21.6 -21.8 -22.7 -22.7
Max. bending moment 280 252 225 205 187 180 101 26 20 26 21
Axial force at Mmax 1162 1418 1407 1574 1512 1562 1686 1417 1493 1495 1421
Max compressive stress -9672 | -9577 | -9008 | -8817 | -8330 | -8334 | -9352 | -6882 | -4893 | -5302 | -5828
Max tension 3904 2665 1968 1152 730 434 -1337 | -1124 -779 -1159 | -1104
Loc of max shear force -20.8 -31.0 -31.0 -30.3 -21.6 -21.2 -20.5 -20.1 -20.1 -20.5 -20.3
Maximum shear force 72 -63 -55 -47 45 53 35 25 15 14 11
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5.2.2 Performance in terms of deflections

Performance in terms of deflections was evaluated using FE model 3-1 according to the performance

requirements described in section 4.2.2.
5.2.2.1 Crane rail gauge or span

Satisfying the tolerances for the crane rail gauge or span required checking that the horizontal distance
between the front and rear crane rail did not vary by more than + 30 mm. Table 5.8 shows that the

deflections were within tolerance.

Table 5.8 — Deflection tolerance check on crane track gauge or span

Front crane rail Rear crane rail Tolerance check

LOADING PHASE Incr. Def.* | Cum. Def.* | Incr. Def.* | Cum. Def.* Tolerance Guage | Outof guage | Out of tol.

mm mm mm mm mm m mm mm
Handover 0.00 0.00 0.00 0.00 +30 30.00 0.0 0.0
Crane load -3.25 -3.25 -2.99 -2.99 +30 30.00 0.3 0.0
Unload crane 1.20 -2.05 1.07 -1.92 +30 30.00 0.1 0.0
Mooring load -0.69 -2.73 -0.24 -2.16 +30 30.00 0.6 0.0
Unload mooring 0.59 -2.14 0.18 -1.98 +30 30.00 0.2 0.0
Stacking load 0.30 -1.84 0.76 -1.21 +30 30.00 0.6 0.0
Unload stack 0.39 -1.45 -0.08 -1.30 +30 30.00 0.2 0.0
All transient loads* -29.62 -31.08 -16.72 -18.02 +30 30.01 13.1 0.0
All sustained loads 1.51 -29.57 0.97 -17.05 +30 30.01 12.5 0.0
Consolidation (100%) -0.12 -29.69 -0.17 -17.22 +30 30.01 12.5 0.0
Unload all loads 0.48 -29.21 -0.07 -17.29 +30 30.01 11.9 0.0
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5.2.2.2 Crane rail alignment

Satisfying the tolerances for the crane rail alignment required checking that the overall alignment of
the crane rail did not deviate by more than £ 30 mm from the true centre line of the rail. This is a
horizontal deflection tolerance check. Table 5.9 shows that the deflections were out of tolerance by

1.1 mm which is considered acceptable.

Table 5.9 — Deflection tolerance check on crane rail alignment

Front crane rail Tolarance check

LOADING PHASE Incr. Def.* Cum. Def.* Tolerance Crane rail out of alignment Out of tolerance

mm mm mm mm mm
Handover 0.0 0.0 +30 0.0 0.0
Crane load -3.2 -3.2 +30 3.2 0.0
Unload crane 1.2 -2.0 +30 2.0 0.0
Mooring load -0.7 -2.7 +30 2.7 0.0
Unload mooring 0.6 -2.1 +30 2.1 0.0
Stacking load 0.3 -1.8 +30 1.8 0.0
Unload stack 0.4 -1.5 +30 1.5 0.0
All transient loads* -29.6 -31.1 +30 31.1 1.1
All sustained loads 1.5 -29.6 +30 29.6 0.0
Consolidation (100%) -0.1 -29.7 +30 29.7 0.0
Unload all loads 0.5 -29.2 +30 29.2 0.0
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5.2.2.3

Crane rail level or allowable undulation

Satisfying the tolerances for the crane rail level required checking that the level did not vary by more

than + 30 mm over the total length of rail. This is a vertical deflection tolerance check. Table 5.10

shows that the deflections were within tolerance.

Table 5.10 — Deflection tolerance check on crane rail level

Front

crane Tolerance check Rear crane Tolerance check
Loading Phase Crane rail Crane rail

out of Out of out of Out of
Cum. Def.* | Tolerance level tolerance | Cum. Def.* | Tolerance level tolerance
mm mm mm mm mm mm mm mm

Handover 0.00 +30 0.00 0.00 0.00 +30 0.00 0.00
Crane load -5.24 +30 5.24 0.00 -3.94 +30 3.94 0.00
Unload crane -3.19 +30 3.19 0.00 -2.01 +30 2.01 0.00
Mooring load -3.43 +30 3.43 0.00 -1.97 +30 1.97 0.00
Unload mooring -3.19 +30 3.19 0.00 -2.00 +30 2.00 0.00
Stacking load -3.70 +30 3.70 0.00 -4.94 +30 4.94 0.00
Unload stack -3.09 +30 3.09 0.00 -3.22 +30 3.22 0.00
All transient loads* -11.98 +30 11.98 0.00 -14.57 +30 14.57 0.00
All sustained loads -10.58 +30 10.58 0.00 -14.26 +30 14.26 0.00
Consolidation (100%) -10.94 +30 10.94 0.00 -15.12 +30 15.12 0.00
Unload all loads -9.09 +30 9.09 0.00 -11.32 +30 11.32 0.00
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5.2.2.4 Relative crane rail heights

Satisfying the tolerances for relative height between crane rails required checking that the deviation
between the seaside and landside crane rails did not exceed = 30 mm. This is a vertical deflection

tolerance check. Table 5.11 shows that the deflections were within tolerance.

Table 5.11 — Deflection tolerance check on crane rail level

FRONT CRANE REAR CRANE TOLERANCE CHECK

toowaruase | it | ool | puts | pert | rolerance | height | tolerance

mm mm mm mm mm mm mm
Handover 0 0 0 0 +10 0.0 0.0
Crane load -5.24 -5.2 -3.94 -3.9 +10 13 0.0
Unload crane 2.05 -3.2 1.93 -2.0 +10 1.2 0.0
Mooring load -0.24 -3.4 0.04 -2.0 +10 1.5 0.0
Unload mooring 0.24 -3.2 -0.03 -2.0 +10 1.2 0.0
Stacking load -0.51 -3.7 -2.94 -4.9 +10 1.2 0.0
Unload stack 0.62 -3.1 1.72 -3.2 +10 0.1 0.0
All transient loads* -8.89 -12.0 -11.35 -14.6 +10 2.6 0.0
All sustained loads 1.40 -10.6 0.31 -14.3 +10 3.7 0.0
Consolidation
(100%) -0.36 -10.9 -0.86 -15.1 +10 4.2 0.0
Unload all loads 1.84 -9.1 3.81 -11.3 +10 2.2 0.0
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Chapter 6 Conclusions and Recommendations

6.1 Conclusions

The main objective of this study was to determine whether rigid inclusions are suitable for
reinforcement of the foundation of a caisson container quay wall. Their suitability was assessed in
terms of caisson deflection criteria and RI structural criteria. For a soft to firm clay subsoil condition

the RlIs studied met the foundation performance criteria for this structural application provided:

— strategies to limit lateral loading were implemented and

— the RIs were reinforced over the length where they were not fully compressed.

While this study provided insights into the behaviour of Rls for this structural application, ultimately
suitability is a function of range of factors, in addition to the limited technical performance criteria

derived for this study.
The following can be concluded with respect to the sub-objectives for this study:
The mechanics of the problem, analysis method and execution

— The “rigid” loading from the caisson and “flexible” loading from the backfill affected the way
load was transferred to the underlying foundation. The presence of both boundary conditions
meant that the all the load transfer mechanisms presented in section 2.2.4 to 2.2.7 were
relevant to this problem.

— The reinforced foundation was subjected to combined vertical and lateral loading. The effect
of lateral loading was to reduce the ability of foundation to carry the vertical load.

— The main disturbing force was the vertical self-weight of the caisson and backfill. A

secondary disturbing force was the outward lateral thrust of the caisson and backfill.
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— The main resisting force was the shear resistance of clay and secondary resisting forces were
the shear resistance of backfill and the reinforcement elements.

— Reinforcement acted to reduce the forces causing failure and increased the forces resisting
failure. Rigid inclusions reduced the vertical load on the foundation and resisted lateral
ground movement. Basal reinforcement acted to sustain the outward shear stresses and to
restrain the surface of the foundation soil against lateral movement.

— Individual RIs in a group failed in different ways, depending on their location relative to the
caisson and relative to the active, transitional and passive zones in the foundation.

— Three-dimensional numerical modelling was able to simulate the behaviour of this complex
three dimensional field situation.

— The vibro-driven cast in situ soil displacement method (VCC) was selected as the most

suitable technique for marine execution.
Suitable strategies for limiting lateral ground movement:

— Modifying the backfill load by strengthening and stiffening the backfill material.

— Providing additional structural support by using rigid inclusions to support the backfill and
adding basal reinforcement in the LTP.

— Improving the subsoil by excavation and replacement with crushed stone; thickening the LTP.

— Improving the subsoil by reducing the rate of loading and allowing the beneficial effects of

consolidation to take place.
Foundation performance criteria in terms of stability:

— In terms of stability, it was verified that the foundation and structural elements do not fail;
importantly the Rls are considered as structural elements and not just settlement reducing
elements.

— Internal structural integrity of the RIs was assessed according to the following
recommendations from the ASIRI (2012) guidelines: “Where inclusions are required to
guarantee stability (Domain 1), the inclusions must be reinforced over the length where they
are not fully compressed”; “Where inclusions are not required to guarantee stability (Domain
2), it is proposed not to reinforce the inclusions, provided the maximum tensile force in the

concrete can be justified”.
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Foundation performance criteria in terms of deformations:

The critical settlement and deflection criteria for a container terminal structure relate to the
STS crane rail tolerances. A horizontal and vertical deflection tolerance of less than 30 mm
was selected for this study. Specific verification checks were carried out for crane rail gauge,

crane rail alignment, crane rail level and relative crane rail heights.

Technical appraisal of the numerical model results:

(14

Lateral deflection of RIs “a” to “u” resulted in the development of bending tensile stresses.
The RIs were required guarantee stability (Domain 1), and therefore it was proposed that they
are reinforced over the length where they are not fully compressed.

RIs “v” to “z” remained in compression over their entire section. It was therefore proposed
not to reinforce these inclusions.

Provided the Rls are reinforced the performance requirements in terms of crane rail deflection
tolerances are achieved.

Unreinforced RlIs failed due to the development of bending tensile stresses in excess of tensile
capacity of the concrete, which resulted in the development of a plastic hinge. The specific

failure mode of each inclusion was dependent on its location relative to the slip surface.

An alternative to conventional reinforcement suited to marine execution:

The use of steel fibre reinforced concrete (SFRC) is suggested as an alternative to
conventional reinforcing of the Rls.

The addition of steel fibres provides the concrete with post-cracking capacity which enables
the structural member to develop a post cracking flexural capacity without brittle failure
(ACI, 2002).

It remains to be shown by calculation within the framework of a relevant code that SFRC

provides adequate structural capacity to resist the forces and moments presented in Chapter 4.
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6.2 Recommendations for Further Research

Physical model testing:

Centrifuge modelling is proposed to validate the numerical model and confirm the load transfer
mechanisms and geotechnical behaviour of the caisson and Rls. With any type of physical modelling
you should always start out with a prediction of what you expect to happen (Wood, 2003). The
numerical model results presented in Chapter 5 are a prediction of the expected behaviour for the

problem presented in this study.
Numerical modelling:

A sensitivity analysis is recommended to determine which model input parameters have the most
influence on the key model outputs. Additionally based on the results of the sensitivity study a
parametric study of the critical input parameters is recommended. The critical input parameters are
varied between permissible ranges in order to determine the probable range of critical outputs (Lees,

2016).
Additional suitability criteria:

The suitability of Rls for this structural application should be assessed in terms of economic viability
and risk, by comparing the technique with other more established ground reinforcement methods for

this structural application.
Structural analysis of SFRC for the application of Rls:

It remains to be shown by calculation within the framework of a relevant code that SFRC provides

adequate structural capacity to resist the forces and moments presented in Chapter 5.
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Appendix A Analytical Calculations

A.1 Undrained bearing capacity of a foundation subjected to an

inclined eccentric load

The geometrical details of the problem are discussed in section 3.2 and shown in Figure 3.4b. The

bearing capacity calculation is carried out at the base of the LTP which is 3 m thick. The forces acting

on the caisson during construction are summarised in Table 6.1.
The lever arm of the base resultant is given by:

LM _ 10247 _ g gom; 2 =333 ts within the middle third
Vv 52779 7 m'6_ .33 m (acts within the middle third)

The eccentricity of the base reaction, e = 10 — 9.68 = 0.33 m

The maximum and minimum base pressure are given by:

_ 5519.2( 6 X 0.32

P="50 20 ) = 290 kPa at the toe and 237 kPa at the heel

The effective width, B’ = B — 2e = 20 — 2(1.03) = 19.34m

For a foundation loaded eccentrically on cohesive soil the short-term ultimate bearing capacity is

given by:

Guic = Ne " Sy~ fei

Where q,,;; is the ultimate bearing capacity; N, is Skempton’s bearing capacity factor; S, is the

average undrained shear strength of the foundation soil; f,; is a factor to take account of eccentric and

inclined loading. According to Vesic (1975):

2Ry 2-1083

- =1- =0.7
B'-S, "N, 1936-30-5.14 073

fe=1



A-2 Analytical Calculations

Where Ry, is the horizontal component of loading. N, = 5.14 for small ratios of D/B. Now:
Quit; vert = N.-S, =5.14-33 =169 kPa
Quit; ecen = Ne " Sy " fei = 5.14-33-0.73 = 123 kPa

The reduction in the ultimate bearing capacity due to the inclined eccentric load is 27 %.

Table 6.1 — Calculation of forces and moments

Reference Pressure Force Lever Arm Moment
(per meter) Stabilising / destabilising kN/m’ kN m KN.m
(1) Lateral earth pressure (above wt) Horizontal destabilising 14.4 17.1 20 342
(2) Lateral earth pressure (below wt) Horizontal destabilising 58.9 602.2 6.38 3842.0
(3) Lateral earth pressure (below wt) Horizontal destabilising 14.4 294.5 9.58 2821.3
(4) Hydrostatic pressure (Tidal lag) Horizontal destabilising 175 1531.3 5.83 8927.5
(5) Hydrostatic pressure (Basin) Horizontal stabilising -165 -1362.3 5.5 -7487.2
1083.8 SMH = 8445.7
(6) Base Vertical stabilising 364 10 3640
(7) Caisson box (above wt.) Vertical stabilising 819 10 8190
(8) Caisson box (Below wt.) Vertical stabilising 3313 10 33129.6
(9) Soil above caisson heel (above wt) Vertical stabilising 90.1 19 17119
(10) Soil above caisson heel (Below wt) Vertical stabilising 344.7 19 6549.3
(11) Vertical force due to self-weight of backfill Vertical stabilising 347.2 18 6249.6
5277.9 SMV = 59470.4

M= 51024.7




A.2 Estimation of ground movements due to embankment loading A-3

A.2 Estimation of ground movements due to embankment

loading

Bourges & Mieussens (1979) have evaluated the results of a number of field observations of ground
movements near the toe of embankments. An empirical model was developed to estimate horizontal

ground movements as a function of:

— The undrained shear strength of the clay (s,,),

— The embankment load (h X y),

— The ratio of the distance from the crest (X) to the horizontal length of the slope (L),
— The ratio of the thickness of the clay layer (D), to embankment width (B).

The magnitude of the maximum immediate horizontal displacement is related to the position of the

point in question (X /L) and the stability number F, where:
F=m+2)xS,/hxy 6.1)

Where h is the height of the embankment and y is the unit weight of the embankment fill. Figure 6.1
plots the dimensionless immediate horizontal displacement A against F. Alternatively the magnitude
of the maximum immediate horizontal displacement is related to the ratio of the thickness of the clay
layer to embankment width (D/B) and the stability number F. The horizontal displacement is

relatively large at failure where F=1.

For the problem of a caisson quay wall retaining backfill to 2.65 m CD, the toe of the slope is taken as
the toe of the caisson. For this case the parameters for estimating maximum immediate horizontal

displacement are:

o Sumean = 33kPa

e hXy=19.5x%x10.5=205kPa

o X/L=20/20=1

e D/B=9/30=03

e F = (m+2)x33/205 = 0.82;taken as 1 which represents failure
e 1=37%
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Now the maximum immediate horizontal displacement is given by:

_ Vmax
A== (6.2)

Ymax = A XD =3.7%X9m =333 mm
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Figure 6.1 — Relationship between embankment stability and maximum ground movement based on data from

Bourges & Mieussens (1979) and other sources (Seaman, 1994)
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A.3 Estimation of maximum inclusion bending moment and

inclusion head deflection

On the basis of two independent sets of centrifuge test data and limited field data, Stewart et al.
(1994) presented empirical design charts to assess pile group response to embankment type loading.
These charts enable simple estimates of maximum pile bending moment and pile head deflection as a
function of the embankment load level and soil-pile stiffness. Stewart et al. (1994) plotted non-

dimensional change in maximum pile bending moment M, and pile head deflection y, against

relative soil-pile stiffness Kp, :

My = AMygy/Aq d (Leg)’ (6.3)
4

Vg =AY EyI,/Aq d (Leg) (6.4)

KR = Ep Ip/Es(hs)4 (6.5)

Where q is the embankment load, d is the pile diameter, L., is the equivalent length of the piles
between points of fixity, E, is the young’s modulus of the pile, I, is the moment of inertia of the pile,
E; is the representative stiffness of the clay layer and hy is the thickness of the clay layer. The graphs
identifies pre-threshold load levels where g < 3 S, and post threshold load levels where g > 3 S,.
The pile configurations for the data include piles pinned at the head, free headed and groups
connected by a rigid cap. To account for this an equivalent length is defined where L is the length of

the piles from the head to the base of the clay stratum:

Leq = L ;rotation prevented (6.6)
Leqg = 0.6 L ; pinned 6.7)
Leq =13L; free (6.8)

For the problem of a caisson quay wall retaining backfill presented in Figure 3.4b, the parameters for

estimating the maximum inclusion bending moment and inclusion head deflection are:

e d=0.75m

o Ly=13%x9=117m
e Agq = 205kPa

e [E, =22300 MPa
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o I,=mxr*/4=001553
o E,=5000kPa

e hy=9m
Now,
Kz = 22300000 x 0.01553/5000 X (9)* = 1.06 x 1072

Mgy; yq = 0.1 on post threshold curve

AMppg, = 0.1 X 205 X 0.75 (11.7)2 = 2104 kN.m

Ay = 0.1 X 205 % 0.75 (9)* /22300000 x 0.01553 = 291 mm

For a reduced embankment load of 99 kPa at threshold the maximum moment reduces to 406 kN.m

and the maximum inclusion head deflection to 32 mm.
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Appendix B Numerical Modelling

B.1 Material constitutive model parameters

Table 6.2 — LE model parameters for RIs C35/45

Parameter Unit Value Comment
Vunsat kN /m? 24 ]
Vsat kN /m? - Non-porous
E kPa 22300000 Refer to section 4.1.1.2 and to Table 3.4
v - 0.2 -

Table 6.3 — MC model parameters for RIs C35/45

Parameter Unit Value Comment
Yunsat kN /m? 24 ]
Vsat kN /m? - Non-porous
E' kPa 22300000 Refer to section 4.1.1.2 and to Table 3.4
v’ - 0.2 -
Q' ° 35 Refer to section 4.1.1.2 and to Table 3.4
c' kPa 585 Refer to section 4.1.1.2 and to Table 3.4
Y ° 0 .
Tensile strength kPa 2200 Refer to section 4.1.1.2 and to Table 3.4
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Table 6.4 — HS-Small model parameters for firm clay
Parameter Unit Value Comment
Vunsat kN/m? 16 -
Ysat kN /m3 17.5
€imt - 1.5 Initial void ratio
Ky m/day | 0.039 x 1073 -
o s 2 S, 1s a model output;
S, increases linearly with depth from 30 kPa to 50 kPa
¢’ kPa 0 ¢'=0forNC
R¢ - 0.9 Failure ratios for various soils range from 0.75 to 1.0
Y ° 0 -
E;’gf kPa 5000 Typical range 3333 to 10000 after Carter
Eged kPa 5000 Eso) ~ Eqeh
Ere kPa 15000 Er¥ BT ~ 3
m - 1 Exponential power (m) is close to unity for soft to firm clay
Vyr - 0.2 0.2 for clays
Prer kPa 100 Minor reference principal stress
K¢ - 0.51 K3¢ =1—sing’
POP kPa 100 Pre-overburden pressure equivalent to paleo seabed at -2 mCD
Goref kPa 46000 -
Yo7 - 0.00024 -
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Table 6.5 — HS-Small model parameters for uncompacted loose sand

Parameter Unit Value Comment
Yunsat kN /m?3 16.0 -
Vsat kN /m3 19.4 -
€imt - 0.85 Initial void ratio
kyy m/day 7.12 -
@' ° 31 -
¢’ kPa 0 -
R¢ - 0.9 Failure ratios for various soils range from 0.75 to 1.0
Y ° 1 .
E;gf kPa 15000 -
£y, kPa | 15000 By ~ 3
EreS kPa 45000 Er¢S /E;gf ~ 3
m - 0.5 Exponential power (m) is approximately 0.5 for sands
Vyr - 0.25 Approximately 0.25 for loose sands
Pres kPa 100 Minor reference principal stress
K{¢ - 0.48 K¢ =1 —sin¢’
POP kPa 0 -
(;gef kPa 77000 -
- 0.00018 -
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B-10
Table 6.6 — HS-Small model parameters for dense sand
Parameter Unit Value Comment
Yunsat kN /m? 19 -

Ysat kN /m3 20 }

€imt - 0.62 Initial void ratio

kyy m/day 7.12 -
o' ° 34 -
¢’ kPa 0 -
R¢ - 0.9 Failure ratios for various soils range from 0.75 to 1.0
¥ ° | :

EX kPa 50000 ;

B kPa | 50000 B ~ B

EreS kPa 150000 Ey JEL ~ 3
m - 0.5 Exponential power (m) is approximately 0.5 for sands
Vyr - 0.2 Approximately 0.2 for dense sands
Pres kPa 100 Minor reference principal stress
K{¢ - 0.44 K¢ =1 —sin¢’

POP kPa 0 -
Ggef kPa 114400 -
Yo.7 - 0.00012 -
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Table 6.7 — HS-Small model parameters for very dense compacted sand

Parameter Unit Value Comment
Vnsat kN/m? | 195 .
Ysat kN /m3 20.5 -
€imt - 0.57 Initial void ratio
kyy m/day 7.12 -
o' ° 40 -
¢’ kPa 0 -
R¢ - 0.9 Failure ratios for various soils range from 0.75 to 1.0
1 ° 10 -
Eggf kPa 100000 -
E'¢) kPa 100000 EX ~ B¢
EreS kPa 300000 Er¢S /E;gf ~ 3
m - 0.5 Exponential power (m) is approximately 0.5 for sands
Vyr - 0.2 Approximately 0.2 for dense sands
Pres kPa 100 Minor reference principal stress
Kge¢ - 0.36 K3¢ =1 —sing’
POP kPa 0 -
(;gef kPa 200000 -
Yo.7 - 0.00010 -
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Table 6.8 — HS-Small model parameters for very dense crushed stone

Parameter Unit Value Comment
Yunsat kN /m? 20 -

Ysat kN /m3 21 }

€imt - 0.57 Initial void ratio

kyy m/day 7.12 -
o' ° 42 -
¢’ kPa 0 -
R¢ - 0.9 Failure ratios for various soils range from 0.75 to 1.0
1 ° 15 -

E;gf kPa 100000 -

E'¢) kPa 100000 EX ~ B¢

EreS kPa 300000 Er¢S /E;gf ~ 3
m - 0.5 Exponential power (m) is approximately 0.5 for sands
Vyr - 0.2 Approximately 0.2 for dense sands

Pres kPa 100 Minor reference principal stress
Kge¢ - 0.30 K3¢ =1 —sing’

POP kPa 0 -

(;gef kPa 200000 -
Yo.7 - 0.00010 -
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Table 6.9 — HS-Small model parameters for dense scour rock

Parameter Unit Value Comment
Yunsat kN /m? 20 -
Ysat kN /m3 21 }
€imt - 0.57 Initial void ratio
kyy m/day 7.12 -
o' ° 45 -
¢’ kPa 0 -
R¢ - 0.9 Failure ratios for various soils range from 0.75 to 1.0
1 ° 15 -
E;gf kPa 48000 -
EZZ{; kPa 48000 Esrgf ~ E;:Z;
EreS kPa 144000 Er¢S / Esrgf ~ 3
m - 0.5 Exponential power (m) is approximately 0.5 for sands
Vyr - 0.2 Approximately 0.2 for dense sands
Pres kPa 100 Minor reference principal stress
Kge¢ - 0.30 K3¢ =1 —sing’
POP kPa 0 -
(;gef kPa 200000 -
Yo.7 - 0.00010 -
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Table 6.10 — Model parameters for elastic geogrid element

Parameter Unit Value Comment
Isotropic - - Biaxial geogrid
EA, kN/m 2000 -

EA, kN/m 2000 -
GA kN/m 1000 -

B.2 Model calculation phases

Basis for construction durations:

— Berth length of 400 m: Approximate length of Post Panamax sized vessel (EAU, 2015)

— Caisson floating, positioning, sinking, levelling: 2 days / caisson (ZAA, 2015)

— Caisson filling: 1 day; dredger hopper size of 2700 m’; discharge rate of 320 m*/hour (ZAA,
2015)

— Install grout socks and geofabric before backfilling: 1 day / caisson (ZAA, 2015)

—  Reclamation: 80 days; dredger hopper size of 2700 m’; discharge rate of 320 m’/hour (ZAA,
2015)

— Vibrocompaction: 60 days; 30m to 90m of treatment per hour (Woodward, 2005); 4m
treatment grid

— Construct capping beam: 50 days (ZAA, 2015)

— Construct piled rear crane beam and concrete pavement etc: 120 days (ZAA, 2015)
Phase 0: Initial conditions:

— K, procedure.
Phase 1: Dredge to foundation trench elevation:

— Deactivate dredge material in a plastic undrained calculation where the undrained behaviour

is ignored (i.e. no beneficial effects of suction included).
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Phase 2: Installation of rigid inclusions system:

— Activate RIs, LTP and geogrid in a consolidation calculation over a nominal 10 days with
updated mesh.

— The Rl installation effects are not modelled.
Phase 3 to 5: Caisson placement and filling with sand:

— Activate sand filled caisson in a consolidation calculation over 40 days with updated mesh.
— The most conservative duration for consolidation is estimated based on the duration for
activities such as floating and sinking the final caisson, filling and compacting inside the

caissons, placing grout socks between caissons, placing filter fabric behind caisson etc.
Phase 6 to 13: Hydraulically place sand behind caisson:

— Activate uncompacted backfill behind caissons to 2.65 m CD in a consolidation calculation
over 40 days with updated mesh.
— Divided into eight lifts each taking ten days

Phase 14: Tidal lag:
— Activate one meter tidal lag.
Phase 15: Vibro-compact backfill:

— Activate very dense vibro-compacted backfill in a consolidation calculation over 60 days with

updated mesh.
Phase 16: Construct capping beam
— Activate capping beam in a consolidation calculation over 50 days with updated mesh.
Phase 17: Construct piled rear crane beam and concrete pavement:

— Activate piled rear crane beam and very dense backfill behind capping beam to 5 m CD in a

consolidation calculation over 120 days with updated mesh.
Phase 18: Unload tidal lag:

— Deactivate tidal lag.
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Phase 19: Plastic nil step:
— Plastic undrained calculation with updated mesh.
Phase 20to 21: Activate and then deactivate transient crane load:
— Plastic undrained calculation with updated mesh.
Phase 22 to 23: Activate and deactivate transient bollard load:
— Plastic undrained calculation with updated mesh.
Phase 24 to 25: Activate and deactivate surcharge:
— Plastic undrained calculation with updated mesh.
Phase 26: Activate transient crane load, transient bollard load, surcharge and tidal lag:
— Plastic undrained calculation with updated mesh.
Phase 27 to 28: Reduce to sustained crane load, surcharge and tidal lag:

— Consolidation calculation with updated mesh.

— Dissipation of excess pore pressure to 100 % consolidation.
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B.3 Model validation results

The following subsections present the validation results for the HS-Small constitutive model used for
the clay subsoil, initial model ground conditions and global load-deflection behaviour of the rigid

inclusions under vertical loading.

B.3.1 Validation of the HS-Small model for clay

Undrained triaxial tests (CIUC) on soft and stiff clay have been simulated using the soil test feature in
Plaxis 3D. The constitutive model parameters used in the simulations are presented in Table 6.11. The
CIUC test simulation results and real CIUC test results for Bangkok clays are presented in Figure 6.2
below and Figure 6.3 in annexure B.3. The results for soft clay show a good fit between the simulated
test data and the real test data, whereas the results for stiff clays show a poor fit. The HS-Small Model
cannot accurately predict the drop in excess pore pressure and deviator stress due to the dilatant
behaviour typical of heavily OC clay. It is concluded from these results that the HS-Small Model best
describes clay behaviour in the normally consolidated to lightly over-consolidated range. HS-Small
Model parameters for firm clay have been derived and represent the average condition between soft
and stiff clay. The soft and firm clay parameters in Table 6.11 are considered to be within the

plausible range for normally consolidated to lightly over-consolidated clays.
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Figure 6.2 — Bangkok soft clay CIUC testing results and their prediction by simulation using the HS-Small

Model
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Table 6.11 — Validated HS-Small Model parameters for clay

A e 6"
f m 0 Vur Yo7
(deg)  (deg)  (kPa)  (kPa)  (kPa)  (kPa) (MPa)

Hardening soil model Small strain overlay
Soft clay (Validated by Surarak et al., 2012) Estimated
27 0 1 800 850 8000 0.9 1 0.74 0.2 46 0.00024
Stiff clay (Validated by Surarak et al., 2012) Estimated
28 0 11.5 9500 12000 30000 0.9 1 0.5 0.2 46 0.00024
Firm clay (Hypothetical condition between soft and stiff) Estimated
28 0 1 5000 5000 15000 0.9 1 0.53 0.2 46 0.00024

B.3.2 Validation of initial conditions

The initial model conditions for the clay subsoil are presented in Figure 6.4. The initial horizontal
stress state is defined by K, conditions which range from 0.75 to 1.0. The model predictions compare
well with simple empirical predictions after Mayne & Kulhawy (1982). The stress history is defined
by a pre-overburden pressure of 100 kPa which results in the clay subsoil OCR varying with depth
from 1.9 to 2.6. The initial model stress state defined by K, and OCR is typical for NC to lightly OC
clay. The undrained shear strength profile obtained using “Method A” varies linearly with depth from
30 kPa to 60 kPa which is typical for soft to firm clay. The model predictions of S;, compare well
with empirical predictions after Wroth (1984).
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B.3.3 Validation of the global load deflection behaviour of RIs

The load deflection behaviour of an RI under the centre of the caisson (position “k” in Figure 3.1)
subjected to rigid vertical loading during caisson placement and filling is presented in Figure 6.5. The
vertical load during caisson placement (water filled) is = 110 kPa which increases to 200 kPa when
the caisson is filled with sand. Figure 6.5 shows the vertical settlement profile at the position of the
inclusion and between the inclusions in the subsoil. Additionally the axial stress in the inclusion with
depth is shown. Analytical predictions using FOXTA V3 for the same ground profile, loading and
boundary conditions are plotted with the FE predictions.

The FE model predicts a vertical settlement at founding level of 19 mm during caisson placement,
which increases to 32 mm when the caisson is filled with sand. The corresponding analytical
prediction is 16 mm increasing to 33 mm. There is good agreement between the FE model and
analytical model predictions of settlement. The FE model predicts that 82% of the total load is
directed to the inclusion heads during caisson placement, which increases to 88% during caisson
filling. The corresponding analytical prediction is 71% increasing to 76%. There is good agreement
between the FE model and analytical model predictions of load efficiency. The most significant
difference between the models is the magnitude of drag load due to negative skin friction; and the
difference in length of approximately 4 m over which the negative skin friction acts (depth to neutral
plane). Although partly due to the difference in load efficiency at the inclusion head it is proposed that
an additional reason for this difference is the ability of the 3D model to shed load at the vertical model

boundaries. The analytical unit cell model assumes zero shear along the vertical model boundaries.

The model results presented in Figure 6.5 demonstrate that the fundamental load transfer mechanisms
such as arching above the inclusion head and negative skin friction along the inclusion shaft have

been captured in the 3D model.
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Figure 6.5 — Validation of the load-deflection behaviour of RIs subjected to vertical rigid loading





